ABSTRACT
RISK-BASED DESIGN OF BRIDGES AND ASSOCIATED
TRANSPORTATION NETWORKS UNDER NATURAL HAZARDS
by
Zhenghua Wang
The highway infrastructure system in the United States is deteriorating and facing
an increased number of threats from natural and man-made hazards, including
earthquakes, scour, hurricanes, and vehicle collisions. At the same time, the reliable
functioning of the highway system plays an important role in emergency response and
recovery processes after disaster strikes. However, there are several inadequacies in
current codes and associated practice for the design of bridges, as well as funding
restrictions for their upkeep. Although recent changes in the seismic design of bridges
have adopted displacement-based design approaches to promote adequate performance
under seismic loads, the current design philosophy hinges upon a uniform hazard
perspective without explicit consideration of a homogeneous risk of damage or collapse.
In addition, this approach does not reflect the influence of individual bridges on the
transportation network behaviour, which is desirable to estimate the performance of a
transportation infrastructure system and enhance its overall post-event operation.
Moreover, current bridge design specifications deal with various extreme hazards
independent of one another. The reliable performance of transportation infrastructure
systems under natural hazards requires a new life-cycle risk-based design method, along
with effective resource assignment and prioritization strategies. This thesis will address
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these noted gaps by putting forward a risk consistent design approach for bridges and
associated transportation networks.
To enable the proposed shift toward risk-based design of bridges and
transportation networks, this thesis develops a framework to evaluate the life-cycle risk
(LCR) and life-cycle cost (LCC) of structures based on the time-dependent hazard
function approach. The resulting LCR formulation provides a basis for inverse risk
analyses to determine the design parameters required to achieve an acceptable risk level.
A key advantage of this formulation relative to most existing methods is that it captures
the change in structural vulnerability throughout a structure’s lifetime due to structural
deterioration as well as changes in loading, while most previous studies neglect this
feature assuming that the annual failure probability of a structure or an infrastructure
system is constant during the design life. This methodology is also amenable to future
extensions that include benefits and impacts to society.
To incorporate the transportation infrastructure system level performance into the
design and retrofit of bridges in practice, this thesis proposes a new bridge ranking
method based on graph theoretic metrics that quantifies network topology features while
also incorporating individual bridge characteristics, such as bridge vulnerability and
construction cost. This methodology is flexible enough to include in the future sociodemographic factors (e.g., population density, median household income, and vote
margin) that affect policy and the distribution of funds to top ranking bridges. Based on
the bridge ranking results, an inverse reliability method is used to quantitatively
determine the individual bridge reliability levels required to achieve a target performance
for entire transportation networks—a new result bound to inform engineering practice.
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This top-down bridge design approach is superior to current structure-specific design
methods because highway bridges are integral parts of entire transportation networks,
which means that the design of new bridges or prioritization of existing bridges for
upgrade based solely on their structural behavior is not appropriate. Bridge design must
account for the topology of the transportation network and the desired system-level
performance.
Based on the required individual bridge reliability levels for the transportation
network, a new method for displacement-based uniform risk design of bridges under
seismic hazards considering the effect of soil-structure interaction is also put forward.
The method is desirable in practice to reduce the uncertainty in the performance of
bridges across regions. Furthermore, no risk-based combination of extreme events for the
design of bridges is currently available. This thesis investigates the feasibility of
establishing a risk-based design framework to address multiple extreme hazards,
particularly scour and earthquake, because they are the most common reason of collapse
of bridges in the United States. This risk-consistent multi-hazard bridge design
framework provides a basis for combinations of earthquake and scour loads that is also
consistent with the load and resistance factor design (LRFD) methodology that is widely
used in practice.
In addition to providing an LCR framework to the risk-based design of highway
bridges and associated transportation networks, modeling complexities typically
simplified or neglected in the risk assessment and design of bridges are explored in this
thesis. For example, the influence of vertical ground motions as well as soil-structure
interaction and liquefaction, which tend to be ignored in current bridge design
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approaches, are accounted for within the uniform risk framework and illustrated through
the seismic risk assessment of a coupled bridge-soil-foundation system. The integrated,
uniform, and risk-based framework proposed in this thesis has the potential to directly
improve the safety and reliability of transportation infrastructure systems under
deteriorating conditions and in the presence of natural hazards and limited funds in the
United States. The findings of this thesis will benefit the department of transportation
(DOT), AASHTO committee, and other agencies, such as offices of emergency
management. The risk-consistent framework is desirable in practice to reduce the
uncertainty in the performance of highway transportation system across regions under
multiple natural hazards.
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Chapter 1

Introduction

1.1. Motivation
Highway bridges are among the most important components of highway
transportation networks. Urban societies heavily depend on the reliability of the highway
system, especially in the emergency response and recovery phases after extreme hazards.
However, the geographical extent of the highway infrastructure system makes it
vulnerable to natural and man-made hazards, such as earthquakes, scour, hurricanes, and
vehicle collisions. The deterioration of the infrastructure system and the limited resources
for their maintenance and operation compound the problem, as reflected by the current
infrastructure condition in the United States (ASCE 2013). While current bridge design
and retrofit focus on structure specific behavior, a risk-consistent highway infrastructure
system design and assessment framework under natural hazards is needed to guide the
management of entire transportation networks. This framework should not only account
for complex features (e.g., earthquake ground motion uncertainty, soil-structure
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interaction, and liquefaction among others) and the impact of joint hazards (e.g., scour
and earthquake), but also quantify life-cycle risk and achieve target bridge and network
level performance under diverse sets of constrains. In addition, decision makers require
appropriate assessment tools for identifying critical highway bridges to assign limited
resources and address deficiencies under natural hazards. This study provides solutions to
address the above mentioned gaps including methods to incorporate the time-dependent
reliability problem due to structural deterioration, network-level bridge performance and
prioritization, seismic uniform risk design, multiple hazards, and the influence of
modeling complexity.
Most previous studies assume that the annual failure probability of a structure or
infrastructure system under natural hazards is constant during the design life time.
However, this assumption is not valid due to the changes in structure condition or
deterioration of structural components as well as changes in load and topology expansion.
The recently released ASCE report card for America’s infrastructure concluded that one
in nine of the nation’s bridges are rated as structurally deficient, while the average age of
the nation’s 607,380 bridges is currently 42 years (ASCE 2013). Therefore, a timedependent life-cycle risk framework for bridges and associated transportation network
subjected to natural hazards is needed to assess the risk of existing bridges or to guide the
design of new bridges, which can incorporate the effect of deterioration into the design,
maintenance, and retrofit processes. As the term “risk” is a widely used concept to
quantify consequences from exposure to hazards, many risk acceptance criteria exist in
practice, such as acceptable failure probability, life-cycle cost (LCC), and the number of
human fatalities. In this study, risk in most cases refers to the acceptable failure
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probability in a certain period (e.g., 75 years) which is analogous to the definition of risk
in the building community, but the presented formulation is general enough to
accommodate other metrics.
The Federal Highway Administration (FHWA) estimates that to eliminate the
nation’s bridge deficient backlog by 2028, an annual investment of $20.5 billion is
required, while only $12.8 billion are currently being spent (ASCE 2013). The required
investment to address the deficient bridges across the United States is a great challenge to
federal, state, and local governments. Therefore, bridge retrofit prioritization has been the
subject of several studies in highway bridge networks (Buckle et al. 2006; Rokneddin et
al. 2011). Current bridge prioritization approaches in practice tend to focus on the
individual bridge vulnerabilities and the replacement cost of bridge structures, such as the
empirical methods presented in the Seismic Retrofit Manual for Highway Structures
(Buckle et al., 2006). However, they fail to consider the topology of the transportation
network, network-level performance metrics, and geo-political considerations for funding
allocation. Although several studies have started to address this problem by introducing
conditional important measures to incorporate individual component fragilities into the
network level reliability analysis (Ramirez-Marquez & Coit, 2005; Song & Kang, 2009;
Rokneddin et al., 2011), conducting network reliability analyses while incorporating
different failure scenarios is computationally intensive, even for relatively simple
networks. Hence, a viable alternative is offered by inexpensive graph theoretic metrics to
quantify network topology features while incorporating individual bridge characteristics.
An important contribution of this thesis is the development of a new network bridge
ranking strategy. This new ranking method can rank both the nodes and links of the
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transportation network simultaneously while incorporating bridge specific characteristics
into the ranking score. Also, this new algorithm can consider different weights of
network nodes and links to represent their different role in the context of functional
networks. The free weight coefficients in the new algorithm can be easily extended to
incorporate some socio-demographic factors that affect public policy (e.g., population
density, median household income, and unemployment rate) into the ranking. Such a
ranking approach can inform stakeholders as to the bridges with greatest need of
investment for upgrade, and also be utilized to support risk targeted network level design
of different type of bridges.
Furthermore, the current bridge design approach tends to focus on structure
specific analyses while using empirical importance factors to distinguish the relevance of
different categories of bridges. This strategy poses a challenge for extensions to risk
assessment and decision making at a regional transportation network level that relate to
collective good objectives. At the network level, highways must maintain connectivity
among critical nodes as a minimum objective in the aftermath of a seismic or hurricane
event (Chen et al., 2002; Rokneddin et al., 2011). The necessary connectivity condition is
satisfied if a path between critical origin and destination nodes remains connected, which
is usually dominated by the performance of highway bridges after extreme hazards since
bridges are one of the weakest links of the whole transportation network. Although
several studies have investigated the reliability of the highway transportation system by
either connectivity or traffic flow metrics under seismic hazards (Liu et al., 2006; Lee &
Kiremidjian, 2007; Kang, Song, & Gardoni, 2008; Stergiou & Kiremidjian, 2010;
Bocchini & Frangopol, 2011a; Rokneddin et al., 2011), a framework to guide the design
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of new bridges to satisfy the target performance of the highway transportation networks
has not been developed yet, constituting an important aim of the proposed work. This
thesis will identify the role of individual bridges in the transportation network and
explore the design requirements of new bridges to achieve target risks at the network and
regional levels.
Once the target risk levels for individual bridges are obtained based on the target
performance of the highway infrastructure system, a risk-based design approach is
needed to guide the design of bridges to satisfy the target risk level now, as well as
resource constraints in the future. Relative to other natural hazards, bridge seismic design
has made advances to displacement-based design approach, but major limitations still
exist as the current bridge seismic design approach fails to consider a homogeneous risk
of damage or collapse. Although the performance-based earthquake engineering (PBEE)
framework has been developing for over a decade and a significant amount of past
research has used this framework for the fragility or risk assessment of existing bridges
(Gardoni et al. 2003; Nielson and DesRoches 2006; Dueñas-Osorio and Padgett 2011),
very few studies have investigated the application of PBEE to the design of new bridges.
The prevailing bridge design philosophy adopts a uniform hazard perspective without
explicit consideration of a target risk of damage or collapse. Although life safety is
implied in the current bridge design approach (AASHTO 2012), the seismic risk for
bridges (e.g., annual failure probability) is only implicitly quantified in the current bridge
design process. Not only is variable bridge performance observed (NCHRP 2003), but
also existing design methodologies are not suitable for practical consideration of target
risk uniformity within bridge seismic design procedures which is desirable in practice to
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reduce the uncertainty in the seismic performance of bridges across a regional portfolio
of structures. Therefore, in order to obtain a minimum uniform risk of bridges across
regions, efforts should be directed towards improved seismically resistant bridge design
approaches that pursue a uniform acceptable risk of failure.
In addition, in contrast to elaborate frameworks that exist for the design and
assessment of bridges under seismic hazard alone, there has been a lack of consideration
of multi-hazard and risk-consistent bridge design approaches in current bridge design
practice. Contemporary bridge design specifications deal with various extreme hazards
independently, which may lead to less economic design and construction or to
underestimate failure probabilities. Although extreme events have very low probabilities
of occurrence, they may cause significant damage to highway bridges, loss of life, and
exacerbate overall economic loss. An integrated and risk-based framework to address
multiple extreme hazards should be developed to guide the future design of new bridges
or the retrofit of existing bridges. This thesis investigates the feasibility of establishing a
uniform, risk-based design framework to address multiple extreme hazards which is
exemplified with two of the most common hazards (i.e. earthquake and scour) that affect
the risk of bridges.
Finally, different levels of modeling sophistication have been used in the risk
assessment and design of highway bridges. While most studies tend to use simple models
for the risk assessment and design of bridges, some modeling complexities typically
neglected or simplified, such as vertical ground motions, soil-structure interaction, and
liquefaction, may have a great impact on the seismic response of highway bridges. This
thesis proposes an efficient finite element model to simulate the soil-structure interaction
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and liquefaction effects. This model is then used to investigate the influence of vertical
ground motions, soil-structure interaction, and liquefaction on the seismic response and
fragility of a bridge-soil-foundation system.
The overall proposed research plan aims to address the indicated gaps in riskbased design of bridges and associated highway transportation system under natural
hazards. In summary, this thesis first develops a framework to evaluate the life-cycle risk
of bridges and associated transportation network based on the time-dependent hazard
function approach. Then, this thesis proposes a new bridge prioritization strategy that can
efficiently identify the most critical bridges without exhaustive computations involved in
system reliability analysis. Based on the ranking score of the bridges, an inverse
reliability method is then used to quantitatively determine the individual bridge reliability
levels required to achieve a target reliability level for entire transportation networks.
Based on the life-cycle risk objective determined based on the network-level
performance, a new method for displacement-based uniform risk design of bridges under
seismic hazards considering the effect of soil-structure interaction is put forward.
Furthermore, a risk-consistent multi-hazard bridge design framework to combine the
earthquake and scour hazards is proposed. Finally, the commonly neglected or simplified
modeling complexities in the risk analyses of highway bridges, like the largely neglected
influence of VGMs, soil-structure interaction, and liquefaction on the seismic response of
highway bridges are explored as well, which contributes to the larger framework of riskbased design of bridges and associated transportation networks. This research will
provide a new perspective on designing highway bridges to achieve network level
performance, a transparent prioritization of critical components in a network, an effective
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way to design new bridges or retrofit existing ones when subjected to multiple hazards,
and a life-cycle risk analysis to support public safety, sound policy, and economic
development.

1.2. Research Objectives
This research aims to address several gaps in existing bridge and network-level
probabilistic risk assessment and management research and provide new methods for the
life-cycle risk analysis of highway bridges and the risk-based design of bridges and
associated transportation networks. The main objectives of the current research are
summarized as follows:
1. Develop a general framework to estimate the life-cycle risk (e.g. the failure
probability of the bridges in 75 years) and the life-cycle cost of structures and
infrastructure systems under multiple hazards. This framework can be used for
cases of both time-dependent and time-independent reliability problems. For
example, this framework can consider the increase of failure probability of
bridges due to the changes in bridge condition (e.g., scour) or deterioration of
bridge components (e.g., aging). This framework provides the foundation for
future expansions that include an integrated life-cycle cost-benefit approach
that acknowledges socio-technical constraints.
2. Propose a new bridge ranking method based on graph theoretic metrics to
quantify network topology while incorporating the individual bridge
characteristics. This ranking can support practical prioritization of aid
allocation to important yet vulnerable bridges, and also facilitate a transition
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to design of transportation networks, and their constituent bridges, with
network level performance objectives. Current bridge design practice tends to
ignore the role of individual bridges in the transportation network and
classifies the importance of different categories of bridges based on judgment.
This thesis will explore the design of a new bridge in the context of an
existing bridge network to obtain a target risk level for the transportation
network under natural hazards.
3. Develop a method for displacement-based uniform seismic risk design of
highway bridges under seismic hazards considering the effect of soil-structure
interaction to ensure uniform levels of risk of bridges across regions. This
uniform risk design framework will improve current uniform hazard design
approach that does not ensure uniform levels of risk of bridges across regions,
which increases the uncertainty in the risk assessment of associated
transportation networks and compromises their collective good effects.
4. Extend the risk-based design method under seismic hazard alone to enable
risk-consistent design of bridges under the combined effects of earthquake and
scour hazards. This multi-hazard bridge design framework will improve
current bridge design specifications which deal with various extreme hazards
independently and consider widely varying design level return period events
for different hazards.
5. Investigate the influence of modeling complexities that are typically neglected
in the risk assessment and design of bridges, such as vertical ground motions,
soil-structure interaction and liquefaction potential on key elements of a
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typical highway coupled bridge-soil-foundation (CBSF) system, focusing on
the components that previous studies have not investigated. Suggestions for
the design of highway bridges, particular in near fault regions, are provided
based on the results of seismic fragility analyses.

1.3. Thesis Outline
This thesis is organized into eight chapters with the following content:
Chapter 2 presents an overview of existing literature on the life-cycle risk and
life-cycle cost of structures, seismic uniform risk design, and multi-hazard assessment
and design while highlighting state-of-the-art methodologies and existing deficiencies
which will be addressed in this study. In addition to the literature on individual bridge,
existing literature on network component prioritization and risk assessment and riskbased design of highway transportation network are also presented.
Chapter 3 proposes a closed form solution for the life-cycle risk and life-cycle
cost analysis based on the time-dependent hazard function approach to consider the
influence of structural deterioration on the life-cycle risk and life-cycle cost of highway
bridges and associated transportation networks.
Chapter 4 first proposes a new network ranking algorithm (NWRank) that has the
advantage of ranking nodes and links of a network simultaneously. This algorithm is then
applied to a transportation network in South Carolina to identify the most critical bridges
with manageable computational demands. Based on the bridge ranking result, an inverse
reliability method is used to quantitatively determine the individual bridge reliability
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levels required to achieve a target reliability level for the transportation network. This
method will advance expert judgment approaches used in practice today and serve as a
foundation for future studies that consider technical, social, and economic constraints.
Chapter 5 proposes a method to design reinforced concrete (RC) bridge columns
to achieve a uniform risk of failure, as embraced by the building design community,
which is desirable in practice to reduce the uncertainty in the performance of bridges
across regions relative to the variable risk resulting from the application of current design
codes. In addition, different sources of uncertainties in seismic bridge fragility analysis
are also identified and quantified in this framework. The approach described in this
chapter can readily support the seismic design of RC bridges with a uniform risk of
failure across different regions of the United States.
Chapter 6 presents a framework for multi-hazard risk assessment and risk-based
design of bridges under combined earthquake and scour hazards. This chapter first
quantifies the effect of scour on the dynamic behavior and seismic performance of
reinforced concrete (RC) bridges. Then, this chapter proposes an appropriate way to
combine earthquakes and scour considering the simultaneous occurrence of these two
extreme hazards that is also consistent with the practical load and resistance factor design
(LRFD) methodology. Additionally, this study investigates potential structural design
alternatives to mitigate damage caused by joint flood and earthquake exposure.
Chapter 7 provides insights into the influence of modelling complexity on the
dynamic response and seismic fragility of CBSF systems under the combined effect of
horizontal and vertical ground motions. Additionally, the influence of SSI with
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liquefaction on the seismic response of the CBSF system under combined vertical and
horizontal ground motions is also studied by comparing the results of the bridge seismic
response of the SSI versus fixed base cases.
Finally, Chapter 8 summarizes the research, presents key contributions and
provides suggestions for future research.
Figure 1-1 shows the relationship and dependencies among the chapters of this
thesis. The arrows suggest the routes through the thesis. Chapter 3 provides a high level
life-cycle risk framework which is realized by both the system level and the component
level. Chapter 4 branches to address various topics critical to system-level design, from
bridge ranking to life-cycle risk concepts for the risk-based design of highway
transportation networks and its constituent bridge components. Chapters 5, 6 and 7
branch to address risk-based design challenges for highway bridges. The entire
framework is envisioned as a tool that helps informing engineering and policy decision
makers about the best use of limited resources for multi-hazard risk safety and the
associated collective good effects from operational geographically distributed
transportation systems.
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Figure 1–1 Relationship and dependencies among the chapters of the thesis
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Chapter 2

Review of the Existing Literature on Risk
Assessment and Risk-based Design of Bridges
and Associated Transportation Networks

The health of highway bridges which is critical to the social and economic development
is of growing concern. However, in the United States, the condition of highway
infrastructures is not satisfying. For example, the recent published American Society of
Civil Engineers (ASCE) report card (ASCE 2013) gave an overall grade point of C+ to
the condition of highway bridges. Given these findings there is an urgent need to
investigate a risk-based design approach for the design or retrofit of highway bridges.
This approach should not only consider single hazard (e.g., earthquake) but also consider
multiple hazards that many bridges in the United States are subjected to. In addition,
highway bridges are integral parts of transportation networks, therefore the risk-based
design approach should be extended to the whole transportation system. The focus of this
thesis is to address these gaps from an engineering risk-based standpoint. The following
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sections will summarize past research on the life-cycle risk and life-cycle cost of
structures, risk assessment and risk-based design of highway transportation network,
network component prioritization, risk-based design of highway bridges subjected to
seismic hazard as well as multiple hazards, and some modeling complexities (e.g.,
vertical ground motions, soil-structure interaction, and liquefaction) that typically
neglected in current study. Shortcomings in the literature which will be extensively
addressed in this research are also highlighted.

2.1. Life-cycle Risk and Cost Analysis under Natural Hazards
The significant long-term socio-economic losses caused by natural and man-made
hazards such as earthquakes, floods, hurricanes, and fires have motivated the
consideration of lifetime benefit and cost in the design of new structures or in the retrofit
of existing ones. For the design of new structures, although performance-based design
has been developed for a long time, the selection of the hazard return periods and the
corresponding performance levels has been based on professional experience and
judgment (Wen and Kang 2001). Therefore, design based on life-cycle cost analysis can
provide a rational and quantitative design decision. For existing structures, since
resources and funds are often limited, seeking a minimum life-cycle cost is typically a
viable approach to this problem which requires proper evaluation and comparison of the
cost effectiveness of different mitigation strategies. Although several studies have used
the life-cycle cost-benefit criteria to select the optimal maintenance options considering
the structural deterioration (Valdez-Flores and Feldman 1989; Vaurio 1997; Frangopol
and Liu 2007). Very few studies exist that consider the life-cycle cost under extreme
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natural hazards coupled with the effect of deterioration of structural capacity over their
service life. This study addresses this gap by proposing a closed form time-dependent
life-cycle risk (e.g. the failure probability of the bridge in 75 years) and life-cycle cost
analysis of structures under extreme natural hazards.
In practice, structures, especially bridges, are exposed to environmental stressors,
such as chloride penetration. Consequently, they are often subjected to multiple
degradation mechanisms such as corrosion, erosion, other forms of environmental
deterioration (Figure 2-1) and fatigue (Melchers and Frangopol 2008). The recently
released ASCE report card concluded that one in nine of the nation’s bridges are rated as
structurally deficient (ASCE 2013). The continued deterioration of structures due to
aging or the changes in condition (e.g., scour) will have a great impact on the life-cycle
risk of structures. For instance, Ellingwood and Mori (1993) evaluated the reliability of
existing concrete structures in nuclear power plants under potential operating loads and
extreme environmental and accidental events considering the structural deterioration due
to environmental stressors based on three types of hazard functions: linear, parabolic, and
square root. Kumar et al. (2009) found that the annual failure rate of the reinforced
concrete bridges generally increased linearly with the age of the bridge due to the damage
accumulated during past earthquakes. Ghosh and Padgett (2010) found that the variation
of the two seismic fragility parameters, median and dispersion, along the service life of
the bridge can be expressed using quadratic regression functions. This thesis proposes a
method to evaluate the life-cycle risk of structures based on the time-dependent hazard
function approach.
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Figure 2–1 Corrosion Deterioration of Reinforced Concrete Highway Bridges
A life-cycle cost analysis considers all costs incurred over the structure’s lifetime, ideally including both direct and indirect social and economic impacts ranging from
initial construction, to maintenance and repair, to deconstruction, among others,
expressed in present day dollars (Padgett et al. 2010). Several studies have investigated
the use of minimum life-cycle cost criteria for the design of new structures or the retrofit
of existing structures under natural hazards, especially in the building community. Ang
and Leon (1997) studied optimal, cost-effective earthquake-resistant design criteria for
reinforced concrete buildings in Mexico City and Tokyo. The expected building seismic
damage cost was found to contribute the most in the total cost. Hiraishi et al. (1998)
discussed the need for incorporation of reliability and consideration of life-cycle cost in
future codes for the performance-based design of structures. Under the assumption of
time-invariant structural capacity (i.e., ignoring the deterioration of the structural capacity
with age), Wen and Kang (2001) developed a closed form solution to calculate the lifecycle cost of structures including the costs of construction, maintenance, and failure
consequences as well as discounting cost over time based on a homogeneous Poisson
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process model. Takahashi et al. (2004) demonstrated the use of Monte Carlo simulation
in life-cycle costing of a nine storey building with damping devices while considering a
non-stationary earthquake occurrence model. Leon and Ang (2007) proposed the use of
economic cost–benefit ratios to attain the optimal reliability levels in reinforced concrete
buildings located in seismic zones.
Life-cycle cost (LCC) analysis including the effects of natural hazards has also
gained widespread interest for the bridge community in recent years. Sato et al. (2004)
proposed a framework to prioritize bridges in need of seismic retrofit with different
service lives and different levels of importance on the basis of life-cycle cost. Furuta et
al. (2006) used multi-objective optimization techniques to evaluate bridge maintenance
actions that minimize the LCC associated with both maintenance and seismic risk to a
Japanese bridge pier. Padgett et al. (2010) proposed a method for evaluating the best
retrofits for non-seismically designed bridges using a LCC-based cost-benefit analysis.
The approach integrates probabilistic seismic hazard models, fragility of as-built and
retrofitted bridges for a range of damage states, and associated costs of damage and
retrofit. Hahm et al. (2013) proposes a method to evaluate the economic efficiency of a
semi-active Magneto-Rheological (MR) damper system for cable-stayed bridges under
earthquake loadings based on the life-cycle cost concept. Results show that MR damper
system is highly cost-effective especially for the ground motion in regions of moderate
seismicity with soft soil conditions and strong seismicity with stiff soil conditions.
Structural deterioration not only increases susceptibility of highway bridges to
extreme events, but also has a significant impact on economic losses. Hence, accurate
predictions of LCC of highway bridges require explicit consideration of the effects of
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structural degradation. So far very few studies have considered the degradation of
structures in the LCC analysis under extreme hazards. Kong and Frangopol (2004)
discuss the significance of LCC analysis and its application to the inspections and
maintenances in optimizing the performance and cost of bridges. Kumar et al. (2009,
2012) put forward a life-cycle approach to provide an integrated approach to reliability,
maintainability, maintenance, and logistic support considering aging and the effects of
cumulative seismic vulnerability. Ghosh and Padgett (2011) put forward a new
methodology for seismic loss assessment of aging bridges based on the nonhomogeneous Poisson process considering the time-varying seismic vulnerability,
uncertainty in component repair, and the contribution of multiple correlated aging
components. However, currently no closed form LCC analysis considering the effects of
structural degradation exists.
This thesis addresses such gaps in the life-cycle risk and life-cycle cost analysis
for bridges by providing a closed form LCC analysis of structures under natural hazards
based on the time-dependent hazard function approach. The approach is unique in that it
not only accounts for time-varying vulnerability of bridges over their service life but also
provides a closed form solution for the life-cycle risk and life-cycle cost analysis, which
will greatly facilitate the determination of the optimal solution as a function of initial
design parameters, design life, and different retrofit measures. In addition, this
framework not only provides a closed form solution for the mean value of the LCC but
also the variance which is important for the uncertainty analysis in the decision making
process.
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2.2. Network Reliability and Inverse Reliability-based Design
Currently, most studies tend to focus on individual structures while ignore the
regional system level performance. The reliability of highway transportation
infrastructure system subjected to natural hazards is extremely important for the social
and economic development, especially in the emergency response and recovery phases
after extreme hazards. Highway bridges are among the most important components of
highway transportation networks. However, there are several inadequacies in current
bridge design codes for natural hazards. Current bridge design approaches used in
practice tends to focus on the individual bridge vulnerabilities while ignoring the
topology of the transportation network and desired network-level performance. Bridges
are integral parts of the whole transportation network, so the design of a new bridge
based solely on its structural behavior without considering the role of individual bridges
at the entire networked infrastructure system level is not appropriate. This thesis proposes
an inverse reliability method to quantitatively determine the individual bridge reliability
levels required to achieve a target reliability level for the transportation network.
Although reliability-based or performance-based design of bridges has been
developed for a long time, most previous studies of performance-based design are limited
to individual bridges while the performance-based design of a transportation
infrastructure system, especially how to achieve a target performance of a transportation
network through the design of individual components has drawn attention only until
recently. In addition, the concept of risk-consistent design of bridges should be extended
to achieve uniform levels of network performance, which is desirable in practice to
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reduce the uncertainty in the performance of bridges across regions and help allocate the
resource more efficiently in the decision making process.
The inverse reliability method is used to determine the value of design parameters
for a complex system given a desired target reliability level (Min and Duenas-Osorio
2011). Several studies have used the inverse reliability method to design different
structures and infrastructure systems. Winterstein et al. (1993) proposed an inverse firstorder reliability contour method and obtained satisfying results when used in offshore
structures problems. Li and Foschi (1998) presented a strategy for solving inverse
reliability problems based on a Newton-Raphson algorithm for determining multiple
design parameters and illustrated with several examples to show the efficiency and
applicability of the procedure. Saranyaseontorn and Manuel (2004) recently proposed an
inverse reliability procedure to estimate nominal loads for the design of wind turbines
against ultimate limit states. Recently, computational intelligence methods have been
applied to the inverse reliability problem. Computational intelligence methods, such as
genetic algorithm and particle swarm optimization, are highly adaptive methods
originated from the laws of nature. Cheng et al. (2007, 2009) proposed an artificial neural
network (ANN)-based inverse first-order reliability method (FORM) and a response
surface method to solve inverse reliability problems with implicit response functions.
Most recently, Min and Duenas-Osorio (2011) proposed an inverse reliability method
based on genetic algorithms (GA) to design multi-network interfaces, as well as the
reliability of individual nodes and connecting links that ensure targeted network-level
performance. However, none of the above studies have investigated the design of
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individual bridges to achieve uniform levels of highway transportation network
performance.
Several methods have been developed in the literature to evaluate the network
reliability problems. One method to solve the connectivity reliability problems in
networks is the minimum cut-sets and shortest paths approach. Finding all disjoint
shortest paths and cut-sets in a network determines the network reliability and probability
of failure, which leads to an exact solution to the network reliability problem (Rokneddin
2013). However, this method can only be applied to small networks because the number
of paths and cut-sets grows exponentially with the number of components in a network,
causing long computation times even for not very large networks (Billinton and Allan
1992; Todinov 2007). Song and Der Kiureghian (2009) developed a matrix-based system
reliability method which provides a closed form solution to the network connectivity
reliability problem. Again, the major challenge for matrix-based reliability method is its
computation complexity for large networks. Dueñas-Osorio and Rojo (2011) developed a
new combinatorial method that provides closed form solutions when applied to networks
with radial topology. This method only applies to special network topologies, such as
power distribution systems with radial layouts, and it cannot be used to solve the
reliability problem for transportation network. Finally, Monte Carlo methods are most
widely used methods to solve the network reliability problem due to its widespread
application (Kiremidjian et al. 2007; Jayaram and Baker 2010; Rokneddin 2013). Some
studies also tried to improve the Naïve Monte Carlo method to increase the
computational efficiency (Niederreiter 1992; Au and Beck 2001; Lemieux 2009).
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Although several studies have investigated the reliability of the highway
transportation system by either connectivity or traffic flow metrics under seismic hazards
(Liu et al., 2006; Lee & Kiremidjian, 2007; Kang, Song, & Gardoni, 2008; Stergiou &
Kiremidjian, 2010; Bocchini & Frangopol, 2011a; Rokneddin et al., 2011), a framework
to guide the design of new bridges or the retrofit of existing bridges to satisfy the target
performance of the highway transportation networks has not been developed yet,
constituting the aim of this study. This thesis proposes a risk-based design method to
identify the role of individual bridges in the transportation network and explore the
design requirements of new bridges or the retrofit of existing bridges to achieve target
risks at the network and regional levels. The design objective is to find individual bridge
reliability levels to achieve a target reliability level for highway transportation networklevel performance. The objective function as will be discussed in Chapter 4 is highly
nonlinear, discrete, and non-differentiable, and traditional optimization approaches (e.g.,
linear programming) does not work. Therefore, this thesis proposes an inverse reliability
method based on an algorithm that combines the Genetic Algorithm (GA) and Particle
Swarm Optimization (PSO) algorithm.

2.3. Network Component Prioritization
Ranking the importance of the individual elements within networks, such as
infrastructure systems among others, allows the identification of the most important
nodes or links, which also indicates the vulnerability of the network to the damage of its
components under random failure, natural hazards, or malicious attacks. Also,
prioritization provides a basis for the optimal upgrades and understanding aid allocation
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patterns to bridges and other infrastructure. Therefore, measures that identify and rank
critical elements help with developing protective strategies and reducing the risk of
failures (Yazdani et al. 2013). In addition, quantification of the criticality of the
components of a network helps designers to set reasonable target safety or reliability
levels when designing a new component or retrofitting an existing component given that
resources are typically limited. For example, the Federal Highway Administration
(FHWA) estimates that to eliminate the nation’s backlog of deficient bridges by 2028, an
annual investment of $20.5 billion is required, while only $12.8 billion are currently
being spent (ASCE 2013). The required investment to address the deficient bridges
across the United States is a great challenge to federal, state, and local governments.
Therefore, computationally efficient measures that can identify the importance of the
nodes and links of a network are required, particularly in engineering applications to
infrastructure systems.
The ranking of network nodes or links addresses the question, “Can important
nodes or links in a network be meaningfully identified while keeping input data and
computational resources low?” To answer this question, several closed-form measures
have been proposed to capture the particular features of networks, mainly based on their
topology. For example, the simplest node importance measure in a network is the degree
of a node ki, denoting the number of links connected to it. Another common node ranking
measure is Betweenness Centrality (BC) which quantifies the extent to which a node lies
on paths between other nodes, and it is measured by the number of geodesic paths
passing through that node (Newman 2009).
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Traditionally, the adjacency matrix A is used to describe the connectivity patterns
of nodes and links of a network. This study models intersections of roads as nodes and
road segments as links for the transportation network. The adjacency matrix has also been
used as input for advanced eigenvalue and eigenvector analyses, which continue to gain
adoption in practice (Mieghem 2011). Spectral network component rankings are
sophisticated extensions of fundamental ranking methodologies, such as node degree
centrality ki (Watts and Strogatz 1998; Albert et al. 2000). In addition, eigenvector-based
rankings are now able to account not only for nodal importance information, but also for
the importance of a node’s neighborhood (nodes that connect directly to it), and the
importance of the neighborhood of the neighbors. This approach expands the scope from
single components to the entire network while remaining computationally feasible even
for large systems, a challenge in infrastructure engineering (Kang et al. 2008; Guikema
and Gardoni 2009; Bensi and Der Kiureghian 2011). One of the most recent successful
developments in spectral ranking of network components has been the PageRank
algorithm (Brin and Page 1998), which forms the basis of Google webpage rankings,
where websites are nodes and hyperlinks the connections among them. PageRank
considers the hyperlink weight normalization and web surfing based on random walk
models. In addition, there are a number of extensions and developments following
PageRank that use linear combinations of the biased PageRank vectors to capture the
notation of importance with respect to a particular topic (Haveliwala 2003); that consider
the popularity of web pages based on the importance of inlinks and outlinks (Xing and
Ghorbani 2004); that combine usage data and link analysis techniques for personalized
recommendations (Eirinaki and Vazirgiannis 2005); and that improve the computational
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efficiency based on a multi-scale sampling scheme (Borgs et al. 2012). Another popular
ranking algorithm is the Hypertext Induced Topic Selection (HITS) algorithm developed
by Kleinberg (1999). HITS divides the nodes in a network into hubs and authorities and
computes the ranking score of them in a mutually reinforcing way. Further developments
are discussed in Miller et al. (2001) to modify the adjacency matrix to include
information not only on direct link but also on longer paths and to weigh links according
to how often they were followed by users in a given time period; Li et al. (2002) and Liu
and Zhang (2012) to assign appropriate weight to the links; Hung et al. (2010) to
investigate the effectiveness of using semantic text portion for improving HITS
algorithm. The stochastic approach for link structure analysis (SALSA) is another
relevant link analysis algorithm for performing query-dependent ranking which combines
the random walk idea of PageRank with the hub/authority idea of HITS, as described in
Lempel and Moran (2001). However, all the above mentioned algorithms are limited to
the ranking of the nodes of a network.
An important characteristic of webpage network, social network, and citation
network ranking that previous studies have investigated is that they mainly focused on
the ranking of nodes because link ranking in such networks is not typically of practical
interest. This is in sharp contrast to certain type of networks, particularly engineering
infrastructure systems, such as transportation networks, whose links are at least as
important as nodes. However, relatively limited research has been performed so far to
investigate the ranking of the links of a network. Betweenness centrality of a link has
been used as an (approximate) indicator of the link’s critical role in the passage of
network flow (Freeman 1997; Barthélemy 2004). Several other studies rank the links of
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networks based on algorithms whose premise is that the most vital links in a network are
those whose removal one-by-one results in the greatest change of a system-level
performance metric, such as increase in the shortest distance between two nodes,
connectivity loss, or increase of the travel time (Jenelius et al. 2006; Nagurney and Qiang
2008). Even if the measure of the performance of the network is different for different
studies, the basic idea for prioritizing the components of the network based on the
removal of its components is essentially the same for these studies (Sohn et al. 2003;
Jenelius et al. 2006). The IEEE N-1 criterion is a practical example of this approach (Ren
et al. 2008). However, these index measures usually depend on the calculation of network
performance (e.g., connectivity reliability) after the removal of the links, which is timeconsuming and depends on the choice of performance measures.
To overcome some of the noted limitations in ranking strategies to date, new
computationally efficient tools, particularly based on the spectral analysis of networks for
informative link ranking and joint node-link ranking are needed. This link-related ranking
strategy must remain computationally feasible even for large systems, which is a
persistent challenge in infrastructure engineering today (Kang et al. 2008). This thesis
proposes a novel ranking index (called NWRank) by building upon the promising
spectral properties of networks that can rank the nodes and links of a network
simultaneously. This ranking index combines of idea of mutual reinforcement and weight
normalization into a unified framework. Then NWRank are applied to a number of
purposefully synthesized network models and compared with the PageRank and HITS
algorithms. These network models offer diversity through their size and layout, and are
grouped into two main categories of hierarchically organized and distributed topologies
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(Yazdani et al. 2013). Finally, a weighted NWRank is put forward to consider physical
characteristics of the nodes and links and is applied to a highway transportation network
in South Carolina to prioritize the highway bridges.

2.4. Seismic Uniform Risk Design of Highway Bridges
Although the performance-based earthquake engineering framework has been
developing for over a decade (Cornell 2000), few studies have focused on its application
to the seismic design of new bridges (Mackie and Stojadinović 2007). However, a
number of studies have addressed either the seismic demand modeling of bridges or the
development of performance-based assessment procedures to evaluate damage states of
bridges, starting to support practical design recommendations (Gardoni et al. 2003;
NCHRP, 2003; PEER 2003; Nielson and DesRoches 2007a; Ramanathan2012). In
addition, the current bridge design code (AASHTO 2012) adopts a uniform hazard design
approach without explicit consideration of the risk of damage or collapse. This means
that bridges are designed for hazard levels that have the same probability of exceedance
but that the resulting designs do not necessarily have uniform levels of risk across regions
due to variation or uncertainties in the bridge capacity and shape of the ground motion
hazard curves across regions. As mentioned in Chapter 1, in this study, risk refers to the
acceptable failure probability in a certain time period, which is also used in the building
community. Therefore, uniform risk means that multiple bridges in a region have similar
failure probability under seismic hazards. Although life safety is implied in the current
bridge design approach (AASHTO 2012), the seismic risk for bridges, such as the annual
failure probability, is only implicitly quantified in the current bridge design process. Not
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only is variable performance observed or expected from current designs (NCHRP 2003),
but existing design methodologies do not enable practical consideration of target
uniformity within bridge seismic design procedures.
In performance-based seismic design, the seismic performance (i.e., acceptable
risk of failure or the allowable damage state for a given seismic hazard) should be
specified first and then the parameters of the bridges considering uncertainties can be
designed according to the target seismic performance. While reliability-based design
methods or codes to achieve near uniform failure probability of structures in different
regions for certain loads are well established (e.g., traffic load for bridges and snow load
for buildings) [Ghosn and Moses 1986; Israel et al. 1987], the concept of uniform "risk"
is relatively new in the seismic design community. Recently, the 2010 edition of the
American Society of Civil Engineers’ (ASCE’s) minimum design loads for buildings and
other structures standard 7-10 (ASCE 2010) shifted from the traditional uniform hazard
design approach to a risk-consistent seismic design approach. The associated riskconsistent seismic design maps have been updated by the Building Seismic Safety
Council based on the seismic hazard data developed by the United States Geological
Survey (USGS) to pursue similar levels of collapse probability (1% probability in 50
years) for new building structures. To obtain a geographically uniform probability of
failure, the ASCE Standard 43-05 for seismic design of nuclear facilities pioneered the
use of a design factor to obtain risk-targeted seismic design maps (Luo et al. 2007).
Despite the shift in the building and nuclear facility communities to adopt design
standards so that uniform and acceptable risk levels are reached, these philosophies for
building and nuclear structures do not directly apply to bridges with different structural
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properties. In contrast with the seismic design of buildings with a “strong column - weak
beam” philosophy, bridges are usually designed to use the plastic deformation of the
columns to dissipate the energy during an earthquake, and therefore, bridge columns must
be designed and detailed carefully to have ductile behavior. In order to obtain a uniform
collapse risk of bridges across regions, efforts should be directed towards improved
seismically resistant bridge design approaches that pursue a uniform acceptable risk of
failure, and towards new risk-consistent seismic design maps based on the acceptable risk
of failure.
One of the key issues in risk-based design is the quantification of uncertainties.
The uncertainties can generally be classified as either aleatoric uncertainty or epistemic
uncertainty. Typically, uncertainty due to the inherent randomness is termed aleatoric
uncertainty, while uncertainty due to the limitation of human knowledge is termed
epistemic uncertainty (Yin and Li 2010). The epistemic uncertainties can be reduced if
additional knowledge or sufficient data are obtained while the aleatoric uncertainties are
irreducible. Both aleatoric and epistemic uncertainties should be considered in the
seismic risk assessment or risk consistent design of highway bridges. The uncertainties
considered in the study are divided into two categories based on their characteristics:
record-to-record uncertainty (RTRU) (i.e. ground motion uncertainty), and the modeling
uncertainty (MU) (i.e. properties defining the structural model). Most previous seismic
vulnerability assessments focus on the variability of the response resulting solely from
seismic input uncertainty while neglect model parameter uncertainty effects or
incorporate these effects only in a simplified way (Tubaldi et al. 2012). However, several

31
studies have found that model parameter uncertainty have significant effect on the
nonlinear seismic response of structures (Ibarra and Krawinkler 2005).
Several researchers have explored the effects of uncertainties on the seismic
response of different structures through several approaches including sensitivity analysis,
first-order-second-moment (FOSM) methods and Monte Carlo methods. Haselton (2006)
has used the FOSM method to investigate the effects of modeling uncertainties on the
collapse capacity of a 4-story reinforced concrete frame. Lee and Mosalam (2005) have
studied the sensitivity of the response of a reinforced concrete shear-wall building using
the FOSM method in combination with Monte Carlo simulation. Baker and Cornell
(2008) have used the FOSM method in combination with numerical integration for the
propagation of uncertainties in probabilistic seismic loss estimation. Porter et al. (2002)
used Monte Carlo methods to estimate structural damage of an existing 6-story nonductile reinforced concrete frame building considering a set of uncertain model random
variables. Specially, in order to reduce the computational effort of Monte Carlo
simulation, a number of studies (Dolsek 2009; Vamvatsikos and Fragiadakis 2010) have
used the extended incremental dynamic analysis (IDA) with Latin hypercube sampling
technique by introducing a set of structural models to consider the effect of MUs in
addition to the RTRUs. However, most of these studies have focused on the seismic
response of buildings or existing old bridges. Little research has focused on quantifying
uncertainty in the probabilistic collapse assessment of portfolios of bridge structures that
reflect new seismic design standards.
The effects of uncertainty on the seismic risk assessment of structures are usually
incorporated through the fragility curve. The collapse risk of highway bridges (mean
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annual failure probability (MAFP)) can be obtained by the convolution of the fragility
curve and the hazard curve. Previous studies (Haselton 2006; Liel et al. 2009) found that
MUs increased the dispersion of the demand and, thus, flatten the fragility curves. The
increase of dispersion may have a significant impact on MAFP. In addition, several
studies (Liel et al. 2009) also found that MUs may shift the median value of the fragility,
indicating the importance of accurately incorporating MUs in the assessment. Different
methods have been developed to generate the fragility curves, such as the empiricallybased (Shinozuka et al. 2000) and analytically-based (Nielson and DesRoches 2007). In
addition, researchers have proposed different methods for generating analytical bridge
fragility curves using nonlinear dynamic analysis, such as the IDA and the cloud method.
Both of them can account for the RTRU and the MU. While conceptually IDA can
directly obtain the collapse capacity of the structures without making any model
assumption (e.g., power law) as the cloud methods, it is computationally very intensive
especially when multiple model random variables are included to consider the MU.
Therefore, the cloud methods are carried out in this study to identify and quantify the role
of the different sources of uncertainty in seismic bridge fragility analysis.
Another issue in the uniform risk design is to find a practical risk-consistent
design approach for highway bridges. Bridge seismic design codes have nonetheless
improved significantly over the past 30 years. The bridge design method has shifted from
the allowable stress design (ASD) method to the load and resistance factor design
(LRFD) method. In the last decade, seismic design shifted towards displacement-based
design (DBD) methods to promote adequate performance under seismic loads. In 2007,
the T-3 AASHTO committee for seismic design updated the LRFD guidelines and
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proposed the AASHTO Guide Specification for LRFD Seismic Bridge Design (AASHTO
2007) which is a DBD approach compared to the traditional force-based design (FBD)
methods currently found in the AASHTO LRFD Bridge Design Specification (AASHTO
2012). The main difference between DBD and FBD is that DBD uses displacements
while FBD uses forces as primary seismic response variables and criteria to assess the
damage of structures. DBD takes advantage of the fact that displacement correlates better
with damage than force (Suarez 2008). DBD also overcomes serious deficiencies of FBD
such as ignoring the proportionality between strength and stiffness and the generalization
of ductility capacity through the use of force reduction factors (Priestley et al. 2007).
Furthermore, different DBD methods have been proposed, such as the Caltrans Seismic
Design Criteria (Caltrans 2010) and the AASHTO Guide Specifications for LRFD
Seismic Bridge Design (AASHTO 2011). Among them, the Direct Displacement-Based
Design Method (DDBD) (Priestley 1993) has been proven to be effective for
performance-based seismic design (Calvi, G. M. and G. R. Kingsley 1995; Kowalsky et
al. 1995; Kowalsky 2002; Xue and Chen 2003; Priestley et al. 2008). DDBD uses an
equivalent linearization approach and directly returns the strength required by the
structure based on the target displacement, while other DBD methods are iterative and
require the strength to be assumed at the beginning of the process (Suarez 2008).
Therefore, this study uses DDBD as a tool to propose a risk consistent design method.
This thesis offers a method for uniform risk design of reinforced concrete (RC)
bridge columns based on identifying a target ductility factor to use within the DDBD
approach, where ductility is a common design parameter to assess the damage of the RC
columns. The approach focuses on column design, given the importance of these
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components in dictating the response and vulnerability of bridge structures, and considers
reinforced concrete components given their prevalence in substructure design across the
United States. In addition, various kinds of uncertainty values are quantified to
supplement the uniform risk design. This research enables a uniform risk of failure of
bridges, rather than the variable risk resulting from the application of current design
codes, thus transforming the design philosophy from traditional uniform hazard
perspectives to uniform risk.

2.5. Multi-hazard Assessment and Design
A significant number of highway bridges collapsed in the United States during the
last five decades due to extreme natural or man-made hazards, such as earthquakes,
floods, vehicular collision, hurricane, and vessel collision (Lee 2013). Failures from
extreme hazards significantly disrupt the functionality of entire highway transportation
networks, as exhibited by the 1994 Northridge earthquake or the 1997 Northern
California flood (Banerjee and Ganesh Prasad 2012), which caused great economic loss
and loss of lives. Several regions of the United States are subjected to multiple natural or
man-made hazards as shown in Figure 2-2. Therefore, it is necessary to investigate the
behavior of highway bridges under multi-hazard conditions. However, the current
AASHTO LRFD Bridge Design Specifications (AASHTO 2012) deal with various
extreme hazards independently and consider widely varying design level return period
events for different hazards (e.g., 1000-year return period for earthquake and 100-year
return period for scour). A reliability-based approach has been taken to derive load
combination factors considered in bridge design only for the combination of dead load
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and vehicular load in the current AASHTO LRFD Bridge Design Specifications
(AASHTO 2012). The other load combinations used for design are prescribed based on
the experience of bridge engineers or the results of other codes, which is not consistent
with the reliability-based methodology of the LRFD specifications (Ghosn et al. 2003).
Although extreme events have very low probabilities of occurrence, they may cause
significant damage to highway bridges, loss of life, and huge economic loss. Among the
various extreme events, scour and earthquakes are the most common causes of bridge
collapses in the United States (Wardhana and Hadipriono 2003). Also, several regions in
the United States have both high seismic and flood hazards, such as California, the New
Madrid Seismic Zone, and the South Carolina region in the Central to Eastern United
States (Banerjee and Ganesh Prasad 2012) as shown in Figure 2-2. Therefore, a riskbased framework is required to bring consistency and establish multi-hazard design
principles for bridges subjected to the combined effects of extreme events, such as
earthquake and scour.
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Figure 2–2 Muliple Hazard Maps in the United States (rethinkstormshelters.com)
Several researchers have studied the multi-hazard risk problem and the
assessment of load combination factors for design, especially in the building community.
Ellingwood and Rosowsky (1996) used probabilistic load modeling techniques to
evaluate appropriate snow load combination factors based on an ultimate strength limit
state. They found that approximately 20% of the nominal snow load should be used in
combination with the nominal earthquake load when considering ultimate strength and a
50-year reference period. Lee and Rosowsky (Lee and Rosowsky 2006) performed
fragility analysis for a light-frame wood building subjected to combined snow and
earthquake loads. The snow load factors are obtained by comparisons of the limit state
probabilities obtained using the multi-hazard convolution procedure with those obtained
using the seismic hazard convolution only. More recently, Yin and Li (2011) proposed a
framework for risk assessment of light-frame wood structures subjected to combined
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earthquake and snow hazards using a Filter Poisson Process model to consider the snow
accumulation in heavy snow areas.
Although a great number of studies have focused on the performance assessment
of highway bridges under seismic hazard (Gardoni, P., K. M. Mosalam, et al. 2003;
Mackie, K. and B. Stojadinović 2007; Padgett et al. 2010; Dueñas-Osorio and Padgett
2011), so far, relatively limited research has been performed to investigate a risk-based
design for highway bridges considering multi-hazard load effects, especially for the
combination of earthquake and scour. Ghosn et al. (2003) conducted a comprehensive
study to derive load combination factors for highway bridges subjected to various
extreme hazards (e.g., earthquake, wind, scour, and vessel collision) based on the FerryBorges model coupled with Monte Carlo simulations. However, they used a simplified
bridge column bent model and a simple failure limit state equation (column over-tipping)
for the combination of earthquake and scour hazards, which may not capture different
aspects of the complex seismic behavior of the bridge foundation system. Sun et al. (2011)
proposed a probabilistic framework to combine the earthquake load and the heavy truck
load based on the Ferry-Borges model. Banerjee and Ganesh Prasad (2012) analyzed the
risk of highway bridges subjected to the combined effects of earthquake and scour
hazards through a fragility surface approach. However, they did not discuss how to
combine earthquake load and scour effect for the LRFD approach. Also, Alipour et al.
(2012) investigated load factors for the combination of scour and earthquake hazard for
reinforced concrete bridges, and determined scour load factors by comparing the joint
failure probability due to scour and earthquake with an acceptable failure probability.
However, the fact that bridge failure can also be caused by the seismic hazard alone, and
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not just through the joint events, was neglected, which will underestimate the failure
probability of bridges under the combined effect of earthquake and scour hazards. Liang,
Z. and G. Lee (2013a, 2013b) present a probability-based procedure to estimate the
combined hazard effects on bridges due to truck, earthquake and scour, by treating the
effect of scour as an equivalent load effect so that it can be included in reliability-based
bridge failure calculations. These studies have mainly focused on the response of bridge
columns. However, little research has focused on the seismic response of pile foundations
and other failure mechanism (e.g. unseating of bridge deck), which may contribute
significantly to the vulnerability of the bridge system under multiple hazards. In addition,
most research has stated that scour increases the seismic demand and hence the failure
probability of bridge columns. However, scour at the same time can increase the
flexibility of the foundation which will reduce the inertial forces induced by the
earthquakes as long as the wash out of the foundation does not occur (Alipour et al.
2012). Moreover, the geometric characteristics and dynamic behavior of different types
of reinforced concrete bridges are different and scour may influence them differently.
Therefore, it is necessary to investigate the effect of scour on the seismic response of
various types of bridges, accounting for different components and failure modes, as well
as different geometric characteristics from a risk-based approach in addition to the load
effect.
Unlike other natural hazards, scour is not treated as a load effect on bridge
structures in the current AASHTO LRFD Bridge Design specifications (AASHTO 2012),
but scour can change the condition of the bridge so that the effect of other natural hazards
may be altered. In flood-prone regions, scour will cause a degradation of the capacity of
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the bridge foundation, which will in turn influence the dynamic behavior and the seismic
response of the bridges. Ever since the collapse of the Interstate Highway Bridge over
Schoharie Creek in New York State due to the flood-induced scour in 1987 (Figure 2-3),
the Federal Highway Administration has required every State to identify highway bridges
which are likely to have scour problems (Chen 2008). The flood-induced scouring effect
on a bridge structure is usually characterized by the scour depth. Scour is defined as the
water-induced erosion of soil around the foundation of the bridge and can be identified
mainly in three forms: (1) long-term aggradation and degradation, (2) contraction scour,
and (3) local scour (HEC 2001). Aggradation and degradation are long-term elevation
changes in the streambed of the river while contraction scour and local scour results from
the existence of the bridge structures. Contraction scour results from a contraction of the
flow area at the bridge site which causes an increase in velocity and shear stress on the
bed at the bridge. Local scour is caused by an acceleration of flow and resulting vortices
induced by the obstruction of the foundation, which usually forms a scour hole. Both
local scour and contraction scour can be characterized as either clear water or live bed.
Live bed scour means that there is a transport of bed materials while there is no transport
of bed materials for clear water scour. Live bed local scour is cyclic because it allows the
scour hole that develops during the rising stage of the water flow to refill during the
falling stage (Ghosn et al. 2003). This study focuses on live bed local scour around the
bridge column due to its cyclical and unpredictable nature (Ghosn et al. 2003).
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Figure 2–3 Failure of Schoharie Creek Bridge Due to Flood-induced Scour
(http://en.wikipedia.org)
The thesis addressed these gaps by investigating the local scour effects on the
dynamic behavior and seismic performance of reinforced concrete (RC) bridges
particularly for the components and failure modes that previous studies have not
investigated thoroughly, such as pile foundations and the unseating of the superstructures.
Several types of RC bridges (e.g., continuous box-girder bridges with integral piers,
multi-span simply supported (MSSS) concrete girder bridges, and multi-span continuous
(MSC) concrete girder bridges) are used to illustrate the effect of scour on the dynamic
response of the RC bridges. In addition, this study proposed a new risk-based bridge
design approach to obtain the scour load factors to combine the earthquake and scour
hazards considering the simultaneous occurrence of these two extreme hazards. The
objective of this study is to lay the foundation toward a risk-based design approach to
address scour and earthquake demands together and use it to develop appropriate scour
load factors that can be used in the practical load and resistance factor design (LRFD)
methodology for a broad range of bridges. The proposed method for deriving scour load
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factors is illustrated in detail using two code-conforming concrete box-girder bridges
crossing over two rivers with low and medium flow discharge rates. The sensitivity of the
scour load factors for different bridge geometries is explored by testing eight additional
case studies. Additionally, the potential structural design alternatives to mitigate the
seismic damage of RC bridges in flood prone regions are also studied.

2.6. Modeling Complexity, VGMs, and SSI
Highway bridges are susceptible to damage under earthquakes especially in the
presence of soft and liquefiable soil. Therefore, seismic risk assessment is essential for
adequately choosing appropriate design or retrofit measures to improve bridge response
during earthquakes. In practice, the effects of vertical ground motions are typically
represented by a response spectrum with two-thirds of the horizontal response spectrum.
This procedure was originally proposed by Newmark et al. (1973). However,
measurements of ground motions during past earthquakes such as the 1989 Loma Prieta,
1994 Northridge, 1999 Chi-Chi, and 2011 Japan Tōhoku earthquakes, indicate that the
vertical acceleration can reach values comparable to horizontal accelerations or may even
exceed these accelerations (Elnashai and Papazoglou 1997; Elgamal and He 2004).
Several studies (Ambraseys and Simpson 1996; Elnashai and Papazoglou 1997; Collier
and Elnashai 2001; Elgamal and He 2004) have clearly demonstrated that the ratio of
peak vertical ground acceleration (PGAV) to peak horizontal ground acceleration
(PGAH) has been underestimated in near-fault regions and the spectral acceleration ratio
of vertical ground motions to horizontal ground motions has also been underestimated at
short periods. Furthermore, the frequency content of the vertical ground motion is quite
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different from the horizontal ground motion. When considering soil-structure interaction
(SSI) with liquefaction, the influence of VGMs on structural responses is even more
complex. Hence, few studies have investigated the effect of SSI with liquefaction on the
seismic response of coupled bridge-soil-foundation (CBSF) systems when VGMs are
considered, although several studies have already explored the effect of VGMs on the
response of bridge systems alone.
One of the early studies on the effect of VGMs on bridges was performed by
Saadeghvaziri and Foutch (1991), who showed that vertical motion generates fluctuating
axial forces in the columns, which may lead to shear failure or yielding under bending
moments that are much lower than the anticipated design capacity. Pagazoglou et al.
(1996) compared observational field bridge damage with time history analytical results
and confirmed that certain bridge failure modes are attributed to the influence of VGMs.
They also found that the significant fluctuations in axial force of columns may induce
failure in shear and flexure. Compression failures of columns are also observed in certain
cases. Veletzos et al. (2006) investigated the seismic response of precast segmental
bridge superstructures and found that the median positive bending moment increased by
as much as 400% due to VGMs. More recently, Kim et al. (2011) investigated the effect
of vertical ground motion on bridge piers taking into account various ratios of PGAV to
PGAH (V/H) and the time lag between the arrival of the peak horizontal and vertical
accelerations. The analytical results showed that as the V/H ratio increases, significant
increases in axial force variation within the piers are observed, which may lead to a
reduction of shear capacity of up to 30%. The arrival time had a minimal effect on the
axial force variation and shear demand but had an important effect on shear capacity.
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Some researchers have also tried to investigate the rationality of current code
provisions to treat VGM induced forces. Button et al. (2002) conducted parametric
studies on the effects of VGMs on key elements of typical highway bridges. The study
found that bridges with vertical periods near the peak of the vertical response spectrum
experience the greatest impact. In addition, they recommend that the procedure using
vertical spectra with amplitude equal to two thirds of the horizontal spectra should be
discontinued due to the unconservative results, especially for bridges near the fault.
Recently, Kunnath et al. (2008) carried out a series of simulations on the seismic
response of two-span highway overcrossings. The vertical component of ground motion
was found to cause significant amplification in axial force demands in columns and
moment demands in girders at both the midspan and the face of the bent cap. In
particular, the amplification of negative moments in the midspan section of the girder was
found to exceed its capacity. Therefore, seismic design criteria (SDC), such as the
Caltrans SDC (2004) which considers vertical effects by means of a static load equivalent
to 25% of the dead load, deserve revision. Simplified yet adequate procedures for
considering VGM in bridge seismic design are still lacking.
Most of the mentioned studies mainly focused on the response of bridge decks
and columns. Little research has focused on the seismic response of pile foundations and
other components of bridges (e.g. bridge bearings) under combined horizontal and
vertical ground motions, which may also be affected by VGMs and should be accounted
for in seismic response estimations. In fact, most of the previous finite element models
for probabilistic seismic analyses have not included pile foundations and soil layers, and
instead use lumped springs to replace the SSI effect or just use fixed boundary conditions
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at the column base. Several papers have investigated the effect of SSI with liquefaction
on the seismic response of pile foundations and other components of bridges but only
under horizontal ground motions (Zhang et al. 2007; Elgamal, A., et al. 2008; Lu et al.
2008; Zhang et al. 2008; Aygün et al. 2009). Nevertheless, how the effect of SSI
including soil liquefaction influences the seismic response of structures under the
combined effect of vertical and horizontal ground motions is still not well understood and
only a few preliminary studies in this direction have appeared in the literature
(Hashimoto and Chouw 2003). In addition, although previous studies found that VGMs
could generate significantly fluctuating axial forces in the columns, few of them consider
the normal force variation on the bearings due to the vertical accelerations. Significant
variations of the normal force on the bearings will change the mechanism of the load
transfer through the bearing. Studies have found that the normal forces on the bearings
under VGMs fluctuated significantly and even led to tensile forces in the bearings for
near-field ground motions (Saadeghvariri, M.A. and D.A. Foutch 1991; Warn and
Whittaker 2008; Marin-Artieda and Whittaker 2010). If normal stresses are zero or
tensile, the lateral force transferred from the bridge deck to the bearing will reduce
substantially and also attention should be paid to the uplift of the bearing and possible
failure of the hold-down devices since many bearings are not designed for any tensile
vertical force (Domanic 2008).
In particular, most of the mentioned studies are deterministic studies. Typical
deterministic seismic analysis approaches are not able to account for inherent
uncertainties associated with the seismic responses of bridges (Papazoglou and Elnashai
1996; Kim et al. 2011). In contrast, bridge fragility curves, which express the probability
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of a bridge reaching or exceeding a certain damage state for a given ground motion
parameter (Mackie and Stojadinovic 2003; Nielson and DesRoches 2007a, 2007b), play
an important role in seismic risk assessment and investment decision making. Several
researchers have studied the seismic fragility of bridges in the past using different levels
of model sophistication. Nielson and DesRoches (2007a, 2007b) performed a
comprehensive fragility analysis using nonlinear time-history analyses of several
sophisticated bridge models with multiple damage mechanisms typical of central and
eastern United States (CEUS) bridges, but the bridge foundations and soil material were
modeled as lumped springs. Similarly, Mackie and Stojadinovic (2006) conducted
fragility analyses using nonlinear time-history analysis on multi-span California highway
bridges where bridge foundations were either fixed or modeled as springs. Zhang et al.
(2008) efficiently evaluated the fragility of different bridge classes typical of California
by considering soil liquefaction effects through an equivalent static analysis procedure.
Recently, Pan et al. (2010) carried out fragility analyses to quantify improvements from
retrofitting methods by comparing fragility curves and fragility surfaces of a typical
multi-span simply supported steel bridge in the state of New York before and after
different retrofit strategies with the foundations modeled as lumped springs. Kwon and
Elnashai (2009) also developed fragility curves with a sophisticated bridge model
including soil structure interaction (SSI) but excluding potential liquefaction effects.
Although previous work has contributed significantly to the enhancement of the
fragility analysis of highway bridges, the effects of soil-pile interaction are accounted for
in most papers through lumped springs whose properties are obtained from empirical
data. However, the lumped spring approach cannot fully represent the complexity of soil
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behavior or the uncertainties associated with soil properties. In addition, most papers did
not consider the liquefaction effect. Even in the recent studies that explicitly model SSI
with liquefaction effect in the fragility analysis (Aygün et al. 2011), the results are
incomplete in the sense that these studies neglect the influence of vertical ground motions
(VGMs) on the seismic vulnerability of bridges. This highlights the need for bridge
reliability assessment models that can explicitly account for SSI and VGMs while
maintaining an acceptable computing time for probabilistic analyses. Moreover, although
probabilistic seismic demand models (PSDMs) are available in the literature for
horizontal ground motions (HGMs), few studies have identified an optimal intensity
measure (IM) which can display a good correlation with engineering demand parameters
(EDPs) influenced the most by VGMs.
The purpose of this study is to explore the effect of VGMs on the seismic
response of key components of a coupled bridge-soil-foundation system (CBSF)
considering soil heterogeneity and liquefaction potential, particularly for the components
that previous studies have not investigated, such as pile foundations and bearings. An
efficient finite element model is developed which can reasonably capture soil
heterogeneity and liquefaction effects while accounting for VGMs and maintaining an
acceptable computing time for fragility analyses. Additionally, the influence of SSI with
liquefaction on the seismic response of the CBSF system under combined vertical and
horizontal ground motions is also investigated for the first time by comparing the results
of the bridge seismic response of the SSI versus fixed base cases. A fragility curve and
fragility surface methodology is also presented to capture relevant IMs, along with its
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application to the chosen CBSF system via nonlinear time history analyses accounting for
the capacity change with axial force variation in columns and piles.

2.7. Summary
This Chapter provides a literature review on the risk assessment and risk-based
design of highway bridges and associated transportation networks, highlighting the
significance of the research objectives enlisted in Chapter 1 of this thesis. In sum,
traditional life-cycle risk and life-cycle cost analysis with natural hazards tends to neglect
the impact of aging and deterioration mechanisms on the vulnerability of structures. Also,
current bridge codes only focus on individual bridges without explicit consideration of
the performance of the transportation networks. In addition, current uniform hazard
bridge design approach does not consider a target risk of damage or collapse, which
results in a variable performance observed or expected from current designs. Furthermore,
there is a lack of risk-consistent multi-hazard bridge design approaches in the current
bridge design code. Finally, current bridge risk assessment tends to overlook some threats
that may have a great impact on the seismic response of highway bridges, such as vertical
ground motions, soil-structure interaction, and liquefaction.
This thesis will address the above mentioned gaps by proposing a risk-consistent
design framework for highway bridges and associated transportation networks. This
thesis will not only provide a uniform risk design method for individual bridges under
seismic loads, but also develop a risk-based multi-hazard bridge design framework. In
addition, the risk-based design approach of individual bridge will be extended to the
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whole transportation system which is desirable to estimate the performance of
geographically distributed infrastructure systems.
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Chapter 3

Time-dependent Life-cycle Risk and Lifecycle Cost of Highway Bridges

Generally, the capacity of structures is time-dependent and may decrease in
resistance with time. Accurate predictions of the life-cycle risk and life-cycle cost of
structures require explicit consideration of the effects of structural degradation, which
have traditionally been ignored. Previous studies (Kumar et al. 2009; Ghosh and Padgett
2010) have confirmed that the failure probability of highway bridges is increasing with
time due the structure deterioration (e.g., aging). This thesis proposes a framework to
incorporate the effect of structure deterioration into the life-cycle risk and life-cycle cost
analysis. While a significant amount of literature exists on time-independent life-cycle
risk (LCR) and life-cycle cost (LCC) analysis, this thesis will develop a closed form timedependent life-cycle risk and life-cycle cost framework. The resulting life-cycle risk
formulation provides a basis for inverse risk analyses to determine the design parameters
required to achieve an acceptable risk level.
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3.1. Time-dependent Life-cycle Risk Analysis
To realize a time-dependent life-cycle cost (LCC) analysis, the time-dependent
life-cycle risk (LCR) (i.e. failure probability in a certain period) must be obtained first.
Therefore, the closed form LCR of structures will be analyzed first. Most previous studies
assume that the annual failure probability of a structure under natural hazards is constant
during the design life time as mentioned above. Under this assumption and independence
between the failure of structures in different years, the t-year failure probability of
structures and infrastructure systems can be obtained by Equation (3.1) if the annual
failure probability (Pf) is obtained.
PF (t ) = 1 − (1 − Pf )t

(3.1)

However, this time-independent failure assumption is not valid due to the changes
in structural condition or deterioration of structure components. This study develops a
framework to evaluate the LCR to structures and infrastructure systems based on the
time-dependent hazard function approach. The hazard function, h(t), one of the most
popular representations for life-time modeling, is defined as the probability of failure
within time interval (t, t+dt), given that the structure or infrastructure system has survived
up to time t (Leemis 1995). This probability can be expressed as,

h(t ) = −

d
ln { L(t )}
dt

(3.2)

where L(t) is the reliability function that is defined as the probability that the structural
component survives during time interval (0, t). The reliability function, L(t) can be
obtained directly from Equation (3.3) if h(t) is known or can be determined.
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t
L(t ) = exp ⎡ − ∫ h(τ ) dτ ⎤
⎣⎢ 0
⎦⎥

(3.3)

If h(t) is constant as most studies assume in the risk analysis of structures and
infrastructure systems under natural hazards (i.e. h(t)=p), then the reliability function is as
follows:
L(t ) = exp ( − pt )

(3.4)

However, in practice, h(t) usually increases with time due to the degradation of
the structures as mentioned in Section 2.1. Therefore, in order to handle different timedependent reliability problems, four types of degradation functions along with the timeindependent reliability problem are considered: constant, linear, parabolic, exponential,
and double exponential, as presented in Table 3.1. Based on Equation (3.4), the reliability
function of these five types of hazard functions can be calculated and are listed in Table
3.1. Once the reliability function is obtained, the t-year failure probability of structures
and infrastructure systems can be obtained by [1-L(t)].
Table 3.1 Degradation model
Shape of the degradation
function

h(t)

L(t)

Constant

h(t)=p

exp(-pt)

Linear

h(t)=at+b

exp(-bt-1/2at2)

Parabolic

h(t)=a+bt+ct2

exp(-at-1/2bt2-1/3ct3)

Exponential

h(t)=aexp(bt)

exp{a/b[1-exp(bt)]}

Double exponential

h(t)=aexp(bt)+ cexp(dt)

exp{a/b[1-exp(bt)]+ c/d[1-exp(dt)]}
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3.2. Time-dependent Life-cycle Cost Analysis
The LCC over a time period (t) includes initial construction, normal maintenance,
hazards-induced repair and failure consequences and can be expressed as a function of t
as follows (Wen and Kang 2001):
⎡ n k
⎤ t
E[ LCC (t )] = C0 + E ⎢ ∑∑ C j e − λti Pij (ti ) ⎥ + ∫ Cm e − λτ dτ
0
⎣ i =1 j =1
⎦

(3.5)

In which E[] = expected value; C0 = initial construction cost for a structure; i = severe
loading occurrence number, including joint occurrence of different hazards such as scour
and seismic loads; ti = loading occurrence time, a random variable; n = total number of
severe loading occurrences in t, a random variable; Cj = cost in present dollar value of the
jth limit state (damage level) being reached at the time of the loading occurrence,
including costs of repair, loss of service, and deaths and injuries; e-λt = discount factor
over time t; λ = constant discount rate; Pij = probability of jth limit state being exceeded
given the ith occurrence of a single hazard or joint occurrence of different hazards; k =
total number of limit states under consideration; and Cm = operation and maintenance
costs per year. It should be noted that the decommissioning cost is neglected in the LCC
model due to the lack of data and all the costs (e.g., cost of jth limit state) are assumed to
be known and treated as deterministic variables.
Based on Equation (3.5), the expected LCC needs to be evaluated considering the
random number of hazard occurrences, random occurrence times of the hazards, and the
discounting of costs over time (Wen and Kang 2001). Considering the hazard function
(i.e. probability of failure in a time interval) defined above and the assumption that
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hazard occurrences can be modeled by a Poisson process with occurrence rate of υ /year,
the LCC can be evaluated in closed form. First consider the case of a single hazard. The
process of deriving the closed form solution of the mean value of LCC for the linear
hazard function is shown below. A similar process can be used to get the closed form
solution for other types of hazard functions as listed in Table 3.1.
The linear hazard function can be expressed as Equation (3.6), and the failure
probability of the structure given the occurrence of a single hazard can be obtained by
Equation (3.7) based on the hazard function.

h(t ) = at + b

(3.6)

Pij (t ) = (at + b) / υ

(3.7)

Assuming that n hazards occur in (0, t) and the occurrence times of the hazards
are independent, the expectation of the LCC with respect to the random hazard
occurrence times can be obtained by Equation (3.8):
at + b ⎤ n
at + b
⎡ n
⎤
⎡ n
)
E ⎢ ∑ e − λti Pij (ti ) ⎥ = E ⎢ ∑ e − λti i
= ∑ E (e − λti i
⎥
υ ⎦ i =1
υ
⎣ i =1
⎦
⎣ i =1
aτ + b
e − λτ
− λτ
− λτ
t
υ dτ = n t ⎛ ae + be ⎞dτ = na (1 − e − λt ) + nb (1 − e − λt )
= n∫
⎟
∫0 ⎜⎝ υ
0
τ
υt ⎠
υλ
υλ t

(3.8)

A Poisson process is often used to simulate the occurrence of natural hazards,
such as earthquakes (Ghosh and Padgett 2011), hurricanes (Katz 2002), and floods
(Ashkar and Rousselle 1987). The expected value of LCC considering the random
number of hazard occurrences based on a Poisson process is given by:
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n
∞
nb
b
(υ t ) n −υt
⎡ na
⎡a
− λt
− λ t ⎤ (υ t )
−υ t
− λt
− λt ⎤
∑
⎢ (1 − e ) + υλt (1 − e ) ⎥⎦ n ! e = ⎢⎣υλ (1 − e ) + υλt (1 − e ) ⎥⎦ ∑ n n ! e
n = 0 ⎣υλ
n =0
b
a
b
⎡ a
⎤
= ⎢ (1 − e− λt ) +
(1 − e− λt ) ⎥ υ t = (1 − e− λt )t + (1 − e− λt )
υλt
λ
λ
⎣υλ
⎦
(3.9)
∞

Therefore, the final expected life-cycle cost can be expressed as follows:

E[ LCC (t )] = C0 + C j

a

λ

(1 − e− λt )t + C j

b

λ

(1 − e− λt ) +

Cm

λ

(1 − e− λt )

(3.10)

Similar procedures can be used to obtain the expected LCC for the cases of the
constant [Equation (3.11)], parabolic [Equation (3.12)], exponential [Equation (3.13)],
and double exponential [Equation (3.14)] hazard functions.

E[ LCC (t )] = C0 + C j
E[ LCC (t )] = C0 + C j

a

λ

(1 − e− λt )t + C j

b

λ

λ

(1 − e− λt ) +

(1 − e− λt ) +

E[ LCC (t )] = C0 + C j
E[ LCC (t )] = C0 + C j

p

ct

λ

2

Cm

λ

(1 − e− λt )

(1 − λ e− λt − e− λt ) +

(3.11)
Cm

λ

(1 − e− λt ) (3.12)

C
a
(1 − e− ( λ −b ) t ) + m (1 − e− λt )
λ −b
λ

C
a
c
(1 − e− ( λ −b )t ) + C j
(1 − e− ( λ − d )t ) m (1 − e− λt )
λ −b
λ −d
λ

(3.13)

(3.14)

Apart from the mean value of LCC, the variance of the LCC is also useful in the
decision making process. For example, the variance can be used to estimate the
uncertainty bounds of the LCC. However, currently closed form solutions for the variance
of the LCC considering the time-dependent reliability of structures subjected to natural
hazards are not available. This thesis derives a closed form solution of the variance of the
LCC based on the Poisson process assumption and use of the hazard function. The
variance of LCC can be obtained by Equation (3.15) based on probability theory. The
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first part of Equation (3.15) can be expanded and integrated by Equation (3.16) for the
constant hazard function. In Equation (3.16), the hazard is assumed to follow a Poisson
process (n) and the occurrence times of the hazards are independent. The detailed
variance derivation process for the constant hazard function is shown in Equation (3.16)
similar to the process to obtain the mean value of LCC. The final variance of LCC for the
constant hazard function can be obtained by Equation (3.17).

Var[ LCC (t )] = E[ LCC (t )2 ] − E[ LCC (t )]2

(3.15)

2
2
⎡⎛ n
⎡⎛ n
⎤ C j 2 p 2 ⎛ n − λt ⎞ 2
⎞ ⎤
− λti
− λ ti p ⎞
E[ LCC (t ) ] = E ⎢⎜ ∑ C j e Pij (ti ) ⎟ ⎥ = E ⎢⎜ ∑ C j e
E ⎜∑e i ⎟
⎥=
⎟
2
υ ⎠ ⎥⎦
υ
⎠ ⎥⎦
⎝ i =1
⎠
⎢⎣⎝ i =1
⎢⎣⎝ i =1
C j 2 p 2 ⎛ n −2 λti n n − λti − λt j ⎞
=
+∑ ∑ e e ⎟
E ⎜∑e
υ2
i =1 j =1, j ≠ i
⎝ i =1
⎠
2 2
Cj p
− λt
=
E ⎡⎣ nE (e−2λti ) + n(n − 1) E (e− λti ) E (e j ) ⎤⎦
2
υ
2

=
=

C j 2 p2

υ2
C j 2 p2

υ

2

− λτ
− λτ
t e
t e
⎡ t e−2λτ
⎤
E ⎢n∫
dτ + n(n − 1) ∫
dτ ∫
dτ ⎥
0 τ
0 τ
⎣ 0 τ
⎦

1
⎡ 1
⎤
E ⎢n
(1 − e−2λt ) + n(n − 1) 2 2 (1 − e− λt )2 ⎥
λt
⎣ 2λt
⎦

C j 2 p2 ⎡ 1
1
⎤
(1 − e−2λt ) E (n) + 2 2 (1 − e− λt ) 2 E (n(n − 1)) ⎥
=
2
⎢
υ ⎣ 2λt
λt
⎦
∞
∞
C 2 p2 ⎡ 1
(υ t ) n −υt
1
(υ t ) n −υt ⎤
e + 2 2 (1 − e − λt )2 ∑ (n(n − 1))
(1 − e−2λt )∑ n
e ⎥
= j2 ⎢
n!
n!
υ ⎣ 2λt
λt
n =0
n =0
⎦
2 2
Cj p ⎡ 1
1
⎤
(1 − e−2λt )υ t + 2 2 (1 − e− λt )2υ 2t 2 ⎥
=
2
⎢
υ ⎣ 2λt
λt
⎦
=

C j 2 p2
2υλ

(1 − e −2 λt ) +

C j 2 p2

λ

2

(1 − e− λt )2

(3.16)
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Var[ LCC (t )] = E[ LCC (t ) 2 ] − E[ LCC (t )]2
=
=

C j2 p2
2υλ
C j2 p2
2υλ

(1 − e

−2 λ t

)+

C j2 p2

λ

2

(1 − e − λt ) 2 − [C j

p

λ

(1 − e − λt )]2

(3.17)

(1 − e −2 λt )

Similar procedures can be used to obtain the variance of LCC for the cases of the
linear [Equation (3.18)], parabolic [Equation (3.19)], exponential [Equation (3.20)], and
double exponential [Equation (3.21)] hazard functions. It can be seen that the variance for
the parabolic hazard function [i.e. Equation (3.19)] is much more complex than that of
other hazard functions. However, the authors found that the double exponential hazard
function can be used to replace the parabolic hazard function for engineering risk analysis
problems to simplify the calculation of the mean and variance of the LCC. Actually if the
upper bound of a positive parabolic function (e.g., annual failure probability) is less than
or equal to 5 times of the lower bound, the double exponential hazard function can
represent the parabolic function quite well. For engineering risk analysis problems, this
condition is usually satisfied. For example, Figure 3-1 shows a comparison of the
parabolic function and the double exponential function for the annual failure probability
of a structure which follows a parabolic function. It can be seen that the double
exponential function can fit the data quite well. The coefficient of determination of the
regression is 0.99, which indicates that the regression is adequate. Therefore, it is
recommended to use double exponential hazard function to calculate the mean and
variance of the life-cycle cost for simplification.
Var[ LCC (t )] =

C j 2 a 2 t ⎡ t −2 λ t
C j 2b 2
C j 2 ab
1
−2 λ t ⎤
−2 λ t
−
+
−
+
−
+
(1
)
(1
)
(1 − e −2 λt )
e
e
e
2
⎢
⎥
(3.18)
υ ⎣ 2λ
λυ
4λ
⎦ 2λυ
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1
⎡
⎤
C j 2te −2 λt ⎢ 4a 2 λ 4 e 2 λt (1 − e −2 λt ) − 8abλ 3 − 4bcλ (2λ 2t 2 + 2λ t + 1) − ⎥
Var[ LCC (t )] =
λt
⎥
υ 8λ 4 ⎢ 2
3 3
2 2
2
2
⎢⎣c (4λ t + 6λ t + 6λt + 3) − 2λ (2ac + b )(2λt + 1)
⎥⎦ (3.19)
C j 2t
⎡8abλ 3 + 4bcλ + 3c 2 + 2λ 2 (2ac + b 2 ) ⎤⎦
+
4 ⎣
υ 8λ
Var[ LCC (t )] =

Var[ LCC (t )] =

C j 2a2
2υ (λ − b)
C j 2a2
2υ (λ − b)

(1 − e −2( λ −b )t )

(1 − e

−2( λ − b ) t

)+

(3.20)
C j 2c 2
2υ (λ − d )

(1 − e−2( λ − d ) t )

(3.21)
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Figure 3–1 Comparison of the parabolic function and the double exponential
function

Note that the above formulation has already accounted for the natural hazard
induced demand and the structural capacity uncertainty through the Poisson random
process and the hazard function, respectively. Inherent in the equations is the assumption
that the structure will be restored to its original functionality at time t after each hazard
occurrence. In addition, this closed form LCC function can be easily extended to multihazard cases including multiple limit states. The case study will show a multiple limit
state case for earthquake hazards. For multiple independent hazards (e.g., earthquake and
hurricanes), the LCC caused by each hazard can be directly added together to obtain the
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total LCC for multiple hazards. For multiple interdependent hazards (e.g., earthquake and
scour), simulation methods (e.g., Monte Carlo Simulation) should be used to calculate the
LCC and no closed form solutions are available now. Moreover, although this study
focuses on the LCC of structures under natural hazards coupled with aging and structural
deterioration. This time-dependent LCC framework can also be extended to incorporate
the maintenance cost. In that case, the hazard function will not be a monotonically
increasing function but a multi-segment increasing function due to the maintenance
activities. Therefore, the LCC can be obtained by multi-segment integration. The closed
form LCC framework plays an important role in the cost-benefit analysis of investment in
the new infrastructure or upgrade of existing infrastructure. For the design of new
structures, the objective of design is to minimize the total expected LCC, which is a
balance between initial cost and expected failure cost. For the existing structures, a costbenefit analysis can be used to compare alternative investments. For instance, the costbenefit ratio for a particular retrofit, which is a measure of the financial return for each
dollar invested in the retrofit can be used to select the optimal retrofit measures (Padgett
et al. 2010). Also, variance is very important in the decision making for engineering
planning and design, which quantifies the accuracy of the estimation of the LCC. The
closed form solution of the variance of LCC provides a quick estimation of the
uncertainty in the LCC estimation. Although this study makes a key contribution to the
life-cycle cost modeling, a broader cost-benefit analysis including social, environmental,
or economic benefits of investing in upgrade of “collective goods” like infrastructure may
still require future research.
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3.3. Case Study Bridge
A case study aging bridge is selected to gain insight into the closed form lifecycle risk and life-cycle cost analysis proposed and results are compared with and
without the consideration of deterioration effect. Although construction and maintenance
cost are listed in the life-cycle cost equations, this study focuses on the LCC caused by
the earthquake hazards. The results also provide insight into the sensitivity of the mean
value and the variance of the LCC to modeling assumptions, such as the discount rate,
remaining service life, and seismic hazard curves. The results also provide insight into
the sensitivity of the mean value and the variance of the LCC to modeling assumptions,
such as discount rate, remaining service life, and hazard curves.
The adopted case study is a multi-span simply supported (MSSS) concrete girder
bridge typical of pre-1990 non-seismic design in the central and eastern United States
(CEUS). This bridge class constitutes nearly 19% of all bridges in CEUS and has also
been identified by previous researchers as seismically vulnerable due to inadequate
detailing of components (Nielson 2005; Nielson and DesRoches 2007b). Figure 3-2
shows the layout of the three-span MSSS bridge. The MSSS concrete girder bridge is a
zero skew three span highway overpass bridge supported on multi-column bents. The
non-seismic detailing considered is common of CEUS bridge inventories, such as having
approximately 1% longitudinal reinforcement in poorly confined reinforced concrete
columns and short seat widths (Nielson 2005). In addition to deficiencies in seismic
design, the components of this bridge type are prone to structural degradation from
corrosion deterioration typically manifested in the form of area loss of steel in columns
and degraded bridge bearings. For example, neoprene rubber bearings for the MSSS
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concrete girder bridge undergo thermal oxidation along with steel dowel area loss. The
deterioration mechanism considered in the present study is the corrosion deterioration
due to lifetime exposure to chlorides from deicing salts, typically regarded as one of the
most severe forms of corrosion (Ghosh and Padgett 2010). Further details of such aging
mechanisms and their incorporation in bridge finite element models can be found in
(Ghosh and Padgett 2010, 2011).

10.8m

20.4m

10.8m

0.914m

A

A

A-A

Figure 3–2 Layout of the three-span simply supported concrete girder bridge
3.3.1. Seismic Life-cycle Risk Analysis
3.3.1.1 Seismic Hazard Curve

Given that the case study bridge belongs to the central and eastern United States
(CEUS), two locations are selected out of this region and a third for comparison in
California. The following sites are considered in this study: Charleston, South Carolina;
Nutbush, Tennessee; and Los Angeles, California. Figure 3-3 shows the seismic hazard
curves of these locations from USGS. The seismic hazard curve in CEUS is relatively
flatter than that in California, which indicates the higher potential for large infrequent
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events in the CEUS. The influence of the seismic hazard characteristics on the mean
value and the variance of the LCC will be analyzed in the sensitivity study.
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Figure 3–3 Seismic hazard curves for Charleston, SC; Nutbush, TN; and Los
Angeles, CA
3.3.1.2 The Time-dependent Fragility Curves

Nonlinear time history analyses are often used to obtain the fragility curves which
capture the conditional probability of a structure to reach or exceed predefined damage
states given a hazard intensity measure (IM). After each nonlinear time history analysis,
the maximum demands on components are recorded and a probabilistic seismic demand
model (PSDM) which offers a relationship between peak demands on a structure and the
ground motion IM is constructed. Cornell et al. (2002) proposed that the median seismic
demand on steel frame buildings approximately follows a power law which is a function
of the value of the chosen IM. This model [Equation (3.22)] has also been widely adopted
for bridges:

SD = aIM b

(3.22)
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This expression can be rearranged to perform a linear regression of the logarithms
of the IM and response quantity to establish a demand of the following form:

ln( S D ) = b ⋅ ln( IM ) + ln(a)

(3.23)

where S D is the median value of structural demand, and a and b are regression
coefficients. Previous studies often assume that S D is constant during the structure’s lifetime. When structural deterioration is taken into account, S D is a time-dependent variable

SD (t ) .
To estimate the mean annual failure probabilities (MAFPs) of exceeding different
damage states, time-dependent bridge fragility curves are required. If both the demand
and the capacity of the structural components are assumed to follow a lognormal
distribution, the conditional failure probability considering the time-dependent effect of
structural demand and capacity can be defined as:
⎡ ln( S D (t ) − SC (t )) ⎤
P[ D ≥ C | IM ] = Φ ⎢
⎥
ζ (t )
⎣
⎦

(3.24)

where Φ (⋅) is the standard normal cumulative distribution function, D is the structural
demand, C is the structural capacity, SD (t) is the time-dependent median value of seismic
demand, SC (t) is the time-dependent median value of structural capacity, ζ ( t ) is the
logarithmic standard deviation. A series system assumption is applied to calculate the
system fragility once the component fragility curves are obtained, implying that failure
(or damage) of any one component is indicative of overall damage to the system.
Furthermore, the bridge system fragility analysis considers the correlation between
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component damage. Sample fragility curves for the MSSS concrete bridge corresponding
to the moderate damage states are presented in Figure 3-4. Table 3.2 presents the timedependent fragility models for the MSSS concrete girder bridge at different years. For the
slight damage states, the vulnerability of the MSSS concrete bridge actually decreases
with the time. The reason is that seismic demand for the fixed and expansion bearings in
the transverse direction decreases with time, which dominate the slight damage state for
the system as explained by Ghosh (2013). The construction of time-dependent fragility
curve is beyond the scope of this study. Further details (e.g., deterioration mechanisms
and finite element modeling) on constructing such seismic fragility curves for bridges can
be found elsewhere (Ghosh and Padgett 2010).
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Figure 3–4 Time-dependent fragility curve of the MSSS concete bridge
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Table 3.2 Time varying system fragilities for the case study MSSS concrete girder
bridge under deicing salt exposure.
Time
(years)

Slight

Moderate

Extensive

Complete

Med (g)

Disp

Med (g)

Disp

Med (g)

Disp

Med (g)

Disp

0

0.108

0.584

0.515

0.506

0.819

0.566

1.563

0.596

25

0.117

0.512

0.462

0.467

0.726

0.535

1.409

0.560

50

0.119

0.502

0.411

0.447

0.646

0.518

1.224

0.542

75

0.120

0.505

0.369

0.460

0.569

0.524

1.080

0.536

Med: medium value; Disp: dispersion
3.3.1.3 Life-cycle Risk Estimate

The MAFP of the bridge under the seismic hazard can be obtained by a
convolution of the fragility curve [Equation (3.24)] and the seismic hazard curve as
shown in Equation (3.23).
MAFP (t ) = ∫

∞

im = 0

Fs (im, t ) f IM (im) d im

(3.25)

where Fs(im,t) is the fragility function as defined in Equation (3.24) and fim(im) is the
derivation of hazard function in the form of a probability density function (PDF) that
refers to the annual likelihood that various levels of earthquake intensity measures (IMs)
will be exceeded at a given site. It should be noted that the hazard function h(t) ≈
MAFP(t) with the time interval of one year. The hi(t) due to occurrence of a particular
damage state i, can be approximated by the annual probability of damage due to damage
state i only, expressed as:
hi(t)= MAFPi(t)- MAFPi+1(t)

(3.26)
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where MAFPi(t) is the annual probability of exceeding damage state i at time t for the
bridge. Figure 3-5 shows the MAFPi(t) and hi(t) for the case study bridge for Charleston,
SC. It can be seen that the failure probability generally increases linearly with time, with
the exception of the slight damage state. Although not shown here, the failure probability
also increases linearly for other locations. Therefore, a linear hazard function is assumed
in this study to calculate the life-cycle risk and life-cycle cost.
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Figure 3–5 Mean annual failure probability (MAFP) and hazard function for the
MSSS bridge: (a) MAFP and (b) hazard function
The coefficients of regression for the linear hazard functions for different
locations are listed in Table 3.3. Based on the equation as presented in Table 3.1 for the
linear hazard function, the life-cycle risk (i.e. failure probability for 75 years) for a
particular damage state of the case study bridge is calculated and listed in Table 3.4. It
can be seen that the life-cycle risk significantly increases due to the aging effect. For
example, the probability of exceedance for the complete damage in 75 years increases
32.7% compared to the pristine bridge in Charleston. Therefore, aging effect should be
considered in the life-cycle risk analysis of bridge structures in highly corrosive
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environments, such as the deicing salt exposure condition. The life-cycle risk data will be
used in the next section for life-cycle cost analysis.
Table 1.3 Regression coefficient for the linear hazard function
Charleston, SC

hi(t)

Nutbush, TN
a

Los Angeles, CA

a

b

b

a

b

Slight damage hs(t)

-6.656e-6

0.00209

-1.002e-5 0.003009 -1.307e-4

0.04135

Moderate damage hm(t)

8.604e-7

0.000282

1.279e-6

0.000378

1.707e-5

0.002109

Extensive damage he(t)

1.353e-6

0.000244

1.910e-6

0.000322

1.674e-5

0.001542

Complete damage hc(t)

1.905e-6

0.000191

2.526e-6

0.000244

1.345e-5

0.000938

Table 3.4 Life-cycle risk of the case study bridge
Risk

Charleston, SC

Nutbush, TN

Los Angeles, CA

Pristine

Aging

Pristine

Aging

Pristine

Aging

Slight damage

0.1421

0.1236

0.2057

0.1792

0.9590

0.9350

Moderate damage

0.0209

0.0233

0.0280

0.0314

0.1481

0.1863

Extensive damage

0.0181

0.0219

0.0237

0.0291

0.1108

0.1502

Complete damage

0.0147

0.0195

0.0187

0.0251

0.0716

0.1025

3.3.2. Seismic Life-cycle Cost Analysis

In addition to the time-dependent hazard function model, the mean value and
variance of the life-cycle cost is a function of the remaining life, discount factor, and cost
associate with repair of each damage state. The study assumes an inflation adjusted
discount ratio of 5% and a remaining service life of 75 years for the deteriorating MSSS
concrete girder bridge. Costs associated with repair from each damage state, Cj, are
estimated as a fraction of the replacement cost using the repair cost ratios estimated by
Basoz and Mander (1999). Table 3.5 presents the best mean repair cost ratios for each
damage state assessed in the fragility analysis. The replacement costs for the bridge are
estimated based on regional bridge construction costs and presented in Table 3.6. These
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replacement costs are estimated using replacement costs per deck area determined by
historic construction data from local departments of transportation (Nilsson 2008), and
the bridge specific deck area readily assessed from Table 3.5. The losses estimated as the
fraction of replacement cost include only direct losses due to structural damage.
However, the indirect losses due to increased travel time from bridge damage have been
found in past studies to be on the order of 5–20 times larger than the direct losses (ATC
1991). As a simple approach to acknowledge and account for these indirect losses, the
total cost of losses associated with each damage state is assumed to be 13 times larger
than the estimated repair costs.
Table 3.5 Repair cost ratios from Basoz and Mander
Damage state

Best mean repair cost ratio

Slight

0.03

Moderate

0.08

Extensive

0.25

Complete

1.0 (if n<3)
2.0/n (if n ≥3)

*n=Number of spans
Table 3.6 Replacement costs for the representative case study bridge
Bridge

Cost per square meter ($)

Area (m2)

Replacement costs

MSSS concrete

$728.5

537.6

$391,640

Based on Section 3.2, Equation (3.10) and Equation (3.18) are used to calculate
the mean and the variance of the LCC for the linear hazard function. Table 3.7
summarizes the results of mean value and the coefficient of variation (COV) of the
seismic life-cycle cost and compares them with the pristine bridge, where deterioration is

68

neglected, to the aging bridge. The reason for using COV is that it is more instructive as
the variance must always be understood in the context of the mean value. The change
observed in mean value of the LCC for the MSSS concrete girder bridge is significantly
higher with an increase of approximately 38.5% and 37.9% as compared to the pristine
bridge for Charleston and Nutbush, respectively. However, aging has relatively little
effect on the COV of the LCC. These results underline the importance of capturing the
effects of time-dependent vulnerability in the mean value of the LCC analysis of
deteriorating bridge infrastructure.
Table 3.7 Life-cycle cost for representative case study bridge
Location

Bridge condition

Expected value ($)

COV

Charleston, SC

Pristine

27,430

0.27

Aging

37,987

0.28

Pristine

36,842

0.41

Aging

50,802

0.42

Nutbush, TN

3.3.3. Sensitivity of the Life-cycle Cost to Parameter Variations

The mean value and coefficient of variation (COV) of the life-cycle cost depend
on the parameters such as the discount rate λ and remaining service life t of the degrading
bridge. Although several studies have investigated the influence of discount rate and
service life on the mean value of the time-independent life-cycle cost, little research has
investigated the influence of different parameters on mean value of the time-dependent
LCC, not to mention the COV. The closed form solutions presented in Section 3.2
greatly facilitate finding the sensitivity of the LCC to different parameters. The main
focus of this section is to evaluate to sensitivity of LCC to variations of these above
mentioned factors, such as discount rate, the remaining service life, and the hazard
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curves. To assess the influence of modeling parameter variations, the discount rate is
assumed to range from 1 to 7% based on recommendations in the literature (Beck et al.
2002). The remaining service life of the bridge is assumed to vary from 25 years to 100
years.
Figure 3-6 shows the sensitivity of the mean value and COV of the LCC when
one of these parameters is held constant at the base value and the other is varied across its
range. Results show that generally an increase in the service life tends to increase the
mean value of the LCC and an increase in the discount rate tends to decrease the mean
value of the LCC as anticipated. However, the influence of the service life and the
discount rate on the COV of the LCC shows an opposite tendency. An increase in the
service life tends to decrease the COV of the LCC and an increase in the discount rate
tends to increase the COV of the LCC. The longer the service life is, the more likely that
the bridge will fail under earthquake loads, which indicates less uncertainty in the LCC
analysis. Also, larger discount rate indicates larger uncertainty in the LCC analysis. In
addition, the mean value of the LCC for the aging MSSS bridge is more sensitive to
variation in the service life than the pristine bridge. The reason is that the annual failure
probability of the aging bridges increases with the increase of service life. Moreover, a
change in the discount rate tends to have a more significant effect on the losses than does
variation in the service life.
In the previous section, the LCC of the aging MSSS concrete girder bridge in the
CEUS has been assessed. For comparative purposes, the LCC of the aging bridge are also
calculated based on the hazard curve for Los Angeles, CA, to assess the influence of
slope of the hazard curve on the mean value and COV of the LCC. Table 8 lists the mean
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value and COV of the LCC for the MSSS bridge if sited in Los Angeles with a service
life of 75 years and a discount rate of 5%. Compared to Table 3.8, the results clearly
illustrate that the mean value of the LCC is much larger in California than that in the
CEUS sites due to the potential for more frequent earthquake events. However, the COV
of the LCC in California is smaller than that in the CEUS. The reason is that the variance
of the LCC is inversely proportional to the occurrence rate of the earthquake hazard as
shown in Equation (3.18). A smaller occurrence rate will lead to a larger COV of the
LCC. The occurrence rate of earthquakes in California is much larger than that of CEUS.
For the locations selected in this study, based on USGS survey (Hanson and Perkins
1995), the occurrence rates of earthquakes in Charleston, Nutbush, and Los Angeles are
0.116, 0.05 and 0.218, respectively.
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Mean value of life-cycle cost ($)
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Figure 3–6 Sensitivity of the mean value and coefficient of variation (COV) of the
LCC to the variations in (a) service life and (b) discount rate
Table 3.8 Life-cycle cost for representative case study bridge for Los Angeles
Location

Bridge condition

Expected value ($)

COV

Los Angeles

Pristine

248,570

0.21

Aging

319,650

0.17

3.4. Summary
This Chapter develops a framework to evaluate the time-dependent life-cycle risk
and life-cycle cost analyses. To consider the traditionally neglected impact of structural
deterioration on the life-cycle risk and life-cycle cost of structures in the presence of
natural hazards, a new approach is provided that explicitly incorporates time-dependent
vulnerability in life-cycle risk and life-cycle cost analyses via a framework based on the
time-dependent hazard function approach. This framework can be used with both timedependent and time-independent reliability models. Four types of degradation models are
considered: linear, parabolic, exponential, and double exponential. The double
exponential hazard function is recommended to replace the parabolic function to simplify
the calculation of the mean and variance of the LCC. The proposed methodology not only
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can effectively calculate the mean value of the LCC from lifetime hazard exposure in
closed form, but it can also obtain the variance of the LCC, which is important for
considering the uncertainty in losses in the decision making process. In addition, the
closed from solution greatly facilitates sensitivity analyses of the influence of different
parameters on the life-cycle cost. With the time-dependent life-cycle risk and life-cycle
cost framework at hand, a typical multi-span simply supported (MSSS) concrete girder
bridge in the central and eastern United States (CEUS) was analyzed to find the influence
of structure deterioration on the life-cycle risk and life-cycle cost of the highway bridges,
and illustrate the insights gained from application of the proposed methodology.
Results of the case study show that structural deterioration has a great impact on
the life-cycle risk and life-cycle cost of the aging MSSS concrete girder bridge. For the
MSSS concrete girder bridge, the mean LCC increases approximately 38.5% and 37.9%
relative to the case where deterioration is neglected for Charleston and Nutbush,
respectively. However, structural deterioration does not have much impact on the
coefficient of variation of the LCC. Finally, the results of the sensitivity study reveal that
an increase in the service life will increase the mean value of the LCC and an increase in
the discount rate will decrease the mean value of the LCC. However, the influence of the
service life and the discount rate shows a reverse trend on the COV of the LCC. Also, the
mean value of LCC for the hypothetical case of the bridges exposed to a seismic hazard
representative of California is much larger than that of the CEUS as expected, due to the
more frequent earthquake events. However, the COV of the LCC in California is smaller
than that of CEUS because the COV of the LCC is inversely proportional to the
occurrence rate of the earthquake hazard.
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The resulting life-cycle risk formulation provides a basis for inverse risk analyses
to determine the design parameters required to achieve an acceptable risk level. The
closed form solutions provide insights on the LCC results and permit ease of
investigation of a wide range of parameters that have influence on the LCC. The closed
form life-cycle cost model presented can be used to support decision making on design of
new structures or effective upgrade of existing infrastructure, particularly given limited
funds for investment in the retrofit. While the results presented herein are specific to the
case study example, the closed from life-cycle risk and life-cycle cost model can be
extended to other bridge types and other structures subjected to different natural hazards,
such as floods and hurricane which can also be modeled as a Poisson Process.
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Chapter 4

Risk-based Design of Highway
Transportation Network

Current studies on risk assessment and risk-based design mainly focus on
individual bridges. In practice, individual bridges are part of complex transportation
networks and it is not trivial to quantify the role of individual bridges in the functionality
or performance assessment of transportation networks, which is the focus of this chapter.
This mainly includes two aspects: (1) identification of the role of individual bridges in
complex transportation networks (i.e. bridge prioritization); and (2) determination of the
target reliability level for the design of new bridges, or retrofit of existing ones, based on
network-level performance requirements, so as to advance expert judgment approaches
used in practice today.
Prioritization of bridges in complex transportation networks for retrofit of existing
bridges or design of new bridges for their replacement addresses two fundamental
problems for infrastructure stakeholders: (1) the effective spatial distribution of limited
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resources to target bridges that can maximally benefit network reliability; and (2) the
determination of the required reliability level of new bridges based on their risk and their
role at the transportation network level. Also, the prioritization of bridge or other
infrastructure needs can play an important role in better understanding the factors that
impact federal spending on infrastructure. On one hand this engineering or “needs based
raking” can inform spending needs to direct funds toward infrastructure that is most
deficient and critical within the regional network; on the other hand these rankings can be
evaluated alongside other drivers such as demographics, inter-local cooperation or party
affiliation of congressional members for their ability to predict funding distribution.
Finally, with a flexible ranking algorithm, it may be possible to jointly consider these
perspectives and offer a hybrid objective-subjective ranking algorithm capable of
handling information on engineering needs and funding allocation drivers. The ultimate
goal of this study is to develop new ranking strategies to prioritize bridges in complex
transportation networks given their ability to withstand natural hazards, along with their
role for retaining adequate topology and supporting freight flow within the networks.
This strategy is also amenable to incorporating non-network information, such as the
National Bridge Inventory (NBI) condition rating which can be considered as a proxy for
service load performance. Also, some information that considers historic spending, local
preferences and other socio-demographic factors that affect policy can be accommodated.
The incorporation of such non-network information depends on the objective of the
ranking. Moreover, this strategy can not only rank bridges but also links of important
infrastructure systems, such as the roadways of transportation networks.
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Current bridge design approaches mainly focus on individual structures
(AASHTO 2012) while ignoring the associated transportation network performance,
which can lead to significant uncertainty in the regional transportation network-level risk
assessment. The concept of risk-based design of individual bridges is extended to the
network level in this study. An inverse reliability-based design method for large
networks, enabled by the combination of genetic algorithms and particle swarm
optimization is used to efficiently determine the target reliability levels for the three
categories of bridges as defined in current AASHTO design specifications (AASHTO
2012) based on the transportation network performance.

4.1. Bridge Prioritization
To overcome some of the noted limitations as described in section 2.3 in ranking
strategies to date, new computationally efficient tools for informative link ranking and
joint node-link ranking are needed, particularly if based on deep features of network
topology, such as spectral analyses of the networks’ adjacency and Laplacian matrices.
Link-related ranking strategies must remain computationally feasible even for large
systems, which is a persistent challenge in infrastructure engineering today (Kang et al.
2008). This study develops a new ranking index measure by building upon the promising
spectral properties of networks. First, this study briefly discusses PageRank with weight
normalization and the HITS algorithm with mutual reinforcement of hubs and authorities,
which are successful spectral methods used in computer and network science today.
Then, this study proposes a new ranking index (called WRank) that can rank the nodes
and links of a network simultaneously, as most methods perform component class

77

rankings independently. An improved WRank algorithm (NWRank) is also proposed to
solve potential problems in the WRank approach, such as the Tightly Knit Community
(TKC) effect (Lempel and Soran 2000) as will be explained in section 4.1.3, which is
likely to occur in critical infrastructure systems. This additional ranking index combines
of idea of mutual reinforcement and weight normalization into a unified framework. Then
WRank and NWRank are applied to a number of purposefully synthesized network
models and compared with the PageRank and HITS algorithms. These network models
offer diversity in their size and layout, and are grouped into two main categories of
hierarchically organized and distributed topologies (Yazdani et al. 2013) ), as such group
tend to bound real system topologies. Finally, to consider the non-network information
(e.g., bridge vulnerability, construction cost, socio-demographic factors that influence
funding allocations, and highway type), a weighted NWRank is proposed and applied to a
highway transportation network in South Carolina to prioritize the highway bridges in a
practical way (Wang et al. 2014).
4.1.1. PageRank and HITS Algorithms
4.1.1.1 PageRank

PageRank (Brin and Page 1998) is a commonly used algorithm for webpage
ranking that ranks pages based on the hyperlink web structure. The original idea of
PageRank is that a page is important if it is pointed to by other important pages. The
linear form of the equation that ranks network nodes according to PageRank addresses
weaknesses of early spectral rankings, such as if a prestigious node points to many others
then those others also get high centrality as in the Katz centrality (Newman 2009). Let
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A=aij be the n×n adjacency matrix of a network G with entry aij equal to 1 if there is a

link between nodes i and j and aij = 0 otherwise. PageRank is formulated as follows:

x = D( D − α A) −1 β

(4.1)

where D represents a diagonal matrix with the node degrees ki where i is the node number
from 1 to n, β is a unit vector, α is an empirically calibrated parameter that depends on
the eigenvalues of A, and x is the desired rankings vector. This equation improved
existing ranking tools by normalizing by network size and node degrees through D (for
fair comparisons), and by including non-zero rankings of unimportant nodes through β.
4.1.1.2 HITS

The Hypertext Induced Topic Selection (HITS) algorithm (Kleinberg 1999)
divides the nodes of the networks into two types: authorities, which are nodes that
contain useful information, and hubs, which are nodes that point to good authorities. In
its simplest form, the new spectral rankings, so called “authorities and hubs (AH)”, rely
on two related sets: one for authorities collected in ranking set x’=αAy, and one for hubs
collected in set y = γATx’. The spectral properties of the adjacency matrix relate to
parameters such as α and γ, while x’ and y could be obtained through the principal
eigenvectors of AAT and ATA or the linear combination of the principal eigenvectors if
more than one principal eigenvector exists.
4.1.2. WRank and NWRank Algorithms

Let G (n, m) represent a network consisting of n nodes and m links. In addition, it
is assumed that no node is directly connected to itself and that multiple links do not exist
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between nodes. In the WRank algorithm proposed here for the informative joint nodelink ranking, instead of focusing solely on the ranking of nodes as emphasized in
previous studies (Brin and Page 1998, Kleinberg 1999), each node i receives a ranking
score xi and each link j also receives a ranking score yj. The intuition is that an important
node should be pointed to by many critical links (this defines the I operation below) and a
critical link should point to important nodes (this defines the O operation below). The
mutually reinforcing relationship of nodes and links through the noted operators can be
represented in general as follows,
x = I (y), y = O (x).

(4.2)

where vectors x = (x1, x2, · · ·, xn)T and y = (y1, y2, · · ·, ym)T contain the ranking score of
each node and link, respectively. The mutually reinforcing operations I and O can be
written in the following matrix representations
I (·) =W, O (·) =Z.

(4.3)

where W is a n×m matrix and Z is a m×n matrix whose generic entries are given by

⎧1 if link j points to nodei
wij = ⎨
⎩0 otherwise

(4.4)

⎧1 if node j is one of thetwo end nodes of link i
zij = ⎨
⎩0 otherwise

(4.5)

Note that applying the I operation is equivalent to assigning node scores by
multiplying the vector of all link scores by the matrix W. The O operation is equivalent to
assigning link scores by multiplying the vector of all node scores by the matrix Z. The
final ranking scores of each node and link can be obtained through an iteratively updating
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process. If x(t) and y(t) are used to denote ranking scores at the tth iteration, the iterative
processes to reach the final solutions are:
x(t+1) = I[O(x(t))] = WZx(t)

(4.6)

y(t+1) = O[I(y(t))] = ZWy(t)

(4.7)

The final solutions x, y converge to the principal eigenvectors of WZ and ZW or
the linear combination of the principal eigenvectors if more than one principal
eigenvector exists, similar to the HITS-inspired algorithms.
Although the WRank algorithms can work well for most types of networks as will
be shown in the computational experiments section 4.1.3, two problems could arise for
certain networks with prestigious nodes or where network flow (e.g., traffic in
transportation networks) is considered in the ranking of nodes and links. First, if a node
with a high ranking score is pointed to by many links, then all of those links also obtain
high ranking scores. However, this is not appropriate. The score received by each link
from a prestigious node should be diluted by being shared with others. To solve similar
problems, PageRank weights each of the out-going hyperlinks from a webpage, pi, by
1/ki, where ki is the degree of node pi; thus, every node has the same total out-going
weight equal to 1/ki. Even though the PageRank algorithm is used successfully in Google,
it does not work in the WRank algorithms. It turns out that every link has exactly the
same ranking score if each link has the same out-going weight 1/ki. In fact, both the
PageRank and HITS algorithms treat all links equally when distributing ranking scores.
However, in practice some links are more important than others. A second challenge is
that none of the closed-form network measures, except for Betweenness Centrality in an
approximate manner, consider the role of network flow in the ranking of nodes or links.
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Consider the situation depicted in Figure 4-1 where node A lies on a path between two
network communities. Although node A has a low degree, it may have considerable
impact on the flow between other nodes within the network. In addition, link b and c also
have significant influence on the network flow. However, both PageRank and HITS
algorithms do not consider the network flow in the ranking of nodes and only nodes that
are well-connected with others obtain a high ranking score. Therefore, Node A has a very
low ranking value if PageRank or HITS algorithms are used to rank the nodes.

Community 1

A
b

c

Community 2

Figure 4–1 A low degree node A that is important for the network flow

To address the two problems stated above, this study expands the previous
formulation into a weight-normalized WRank algorithm referred to as NWRank. Instead
of dividing the ranking score of the node evenly to each link, each link obtains a weight
proportional to its neighboring nodes' degree and the Betweenness Centrality of the link.
The link will obtain more weight if the adjacent neighbor node has a high degree and the
Betweenness Centrality of the link is high. In the new method, the Z matrix is replaced by
the H matrix, whose elements are defined as follows:

ki
BCi
⎧
0.5
0.5
+
⎪
hij = ⎨ ∑ jm km
∑ jm BCm
⎪
⎩0 otherwise

(4.8)
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where m is the number of links that connect to node j; ki and km represent the degree of
the end nodes of link i and link m that connect to node j, respectively; BCi and BCm are
the Betweenness Centralities of link i and link m, respectively. For example, for the node
j in Figure 4-2, the degree of nodes i, n, and x are 3, 1, and 4, respectively. The
Betweenness Centrality values of link a, b, and c are 0.250, 0.278, and 0.111,
respectively.

Therefore,

the

weight

0.5×[0.250/(0.250+0.111+0.278)]

=

of

link

0.3831;

a

is a

link

b

=
=

0.5×[3/(3+1+4)]

+

0.5×[4/(3+1+4)]

+

0.5×[0.278/(0.250+0.111+0.278)] = 0.4676, and link c = 0.5×[1/(3+1+4)] +
0.5×[0.111/(0.250+0.111+0.278)] = 0.1493, which means that haj= 0.3831, hbj= 0.4676,
and hcj= 0.1493.
h
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q
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Figure 4–2 Illustration of the weight normalization of the NWRank algorithm

Therefore, for the NWRank algorithm, the iterative processes to reach the final
solutions are:
x(t+1) = I[O(x(t))] = WHx(t)

(4.9)

y(t+1) = O[I(y(t))] = HWy(t)

(4.10)

Note that the NWRank algorithms combined the most important mutual
reinforcement feature of HITS and the most important hyperlink weight normalization
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feature of PageRank as well as the consideration of network flow into a unified
framework to rank nodes and links simultaneously. The mutual reinforcement here refers
to the node-link relationship instead of the node-node relationship in HITS algorithms,
which is the novelty of the NWRank algorithm. In addition, a new weight normalization
approach is proposed to assign more weight to more important links based on both the
topology of the network and its potential network flow via BC approximations.
4.1.3. Computational Experiments

To evaluate the WRank and NWRank algorithms, they are used along with the
HITS and the PageRank algorithms on several topologically diverse networks to compare
their results for node and link ranking. Real world complex networks are usually the
result of several small yet topologically diverse network types of different sizes and
configurations. Yazdani et al. (2013) divided these small diverse networks into two main
categories that capture several practical infrastructure system configurations: hierarchical
network models, where the networks are organized and operated in a more or less
hierarchical fashion with some of the nodes easily identifiable as the master or upstream
nodes while most other nodes are flow distribution junctions and downstream nodes; and
distributed network models, where the networks have a relatively uniform topology and
none or very few hubs and single failure-points are present. This study uses these small
yet topologically diverse ensembles of networks to test the WRank and NWRank
algorithms against the results from PageRank and HITS algorithms as discussed in the
following subsections.
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4.1.3.1 Computational Experiments with Hierarchical Networks

The configuration of the hierarchical networks is likely seen within many
spatially organized technological and urban infrastructure systems such as water
distribution systems, transportation system and telephone networks (Thomadsen 2005;
Yazdani et al. 2013). For example, there are some transport hubs where vehicles pass or
exchange frequently. Four hierarchical networks are selected as case studies and their
idealized topologies are shown in Figure 4-3. The basic information about these three
networks is listed in Table 4.1.
Table 4.1 Basic information about the select hierarchical networks

Name

n

m

Reference

Transportation network (T8)

8

7

Wang et al. 2014

Bat network (B8)

8

13 Boccaletti et al. 2007

Three-cluster network (C13)

13 21 Yazdani et al. 2013

Hierarchical tree network (HT15) 15 14 Yazdani et al. 2013
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Figure 4–3 Topology of selected hierarchical networks: (a) T8, (b) B8, (c) C13, and
(d) HT15

Table 4.2 lists the node and link ranking results of the four hierarchical networks.
It can be seen that the node ranking for the naïve WRank and the HITS algorithms is
almost the same due to their common mutual reinforcement feature barring only a slight
difference for the node ranking of HT15 for these two algorithms. For simple hierarchical
networks with only one community or cluster (e.g., T8 and B8), the node ranking of the
NWRank algorithm is also consistent with the WRank and HITS algorithms. Therefore,
the weight normalization of the link has minor influence on the ranking of the nodes for
simple hierarchical networks. However, for the complex hierarchical networks with
multiple communities or clusters, the NWRank algorithm performs better than the naïve
WRank and HITS algorithms. For example, it is apparent from inspection that node 1 is
the most critical node of C13 given its role in maintaining connectivity between the three
communities, but only NWRank obtains the expected result because NWRank also
considers the role of network flow in the ranking of nodes and links. In addition, while
the node ranking of B8 for the PageRank algorithm is the same as the other three
algorithms, for most other networks, the PageRank algorithm produces different node

86

ranking results which do not reflect the role of network flow in the ranking of nodes and
links. Moreover, it seems that for the hierarchical networks, WRank, NWRank, and the
HITS algorithms perform better than the PageRank algorithm. For example, the
PageRank algorithm ranks node 1 as the least important node of C13, which is not
reasonable. This is because for the PageRank algorithm, the ranking of nodes is highly
correlated with the ranking by the in-degree of nodes (Ding et al. 2002). Node 1 has
relatively small in-degree in C13, and it appears at the bottom of the ranking list.
Regarding the ranking of links, except for HT15, WRank and NWRank provide the same
link ranking results. The NWRank algorithm performs better than the naïve WRank
algorithm in HT15 since link 1 and 2 should be the most important links if network flow
is considered. Therefore, NWRank performs better than the PageRank, HITS, and
WRank algorithms for the ranking of nodes and it is better than WRank for the link
ranking for hierarchical networks. The superiority of NWRank algorithm over WRank
algorithms for the ranking of nodes and links will be more obvious for more complex
networks that include more prestigious nodes, which will be discussed in the following
section.
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Table 4.2 Node and link ranking results for the hierarchical network
T8
Ranking
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21

B8

node
link
node
link
W NW H P W NW W NW H P W NW
3
3
3 3 5
5
2
2
2 2 2
2
6
6
6 6 3
3
3
3
3
3 3 3
4
4
4 4 1
1
4
4
4
4 4 4
2
2
8
8
1
1
1 5
5
5
5 5
9
2
2
2 7 6
6
6
6 6 9
6
10
10
7
7
7 7
7
7
7
7 8 7
8
8
8 8 1
8
8
8 1 4
4
1
2
5
5
5
1
1
1 1
5
5
6
6
7
7
11 11
12 12
13 13

C13
Node
NW H P
1
2
2 2
6
6 6
2
10
10
10
6
10
1
1
3
3
3
3 4
4
4
4 5
5
5
5 7
7
7
7 8
8
8
8 9
9
9
9 11
11 11 11 12
12 12 12 13
13 13 13
1
W

HT15
W

link
NW

1
8
15

1
8
15

2
4
5
9
13
14
16
17
19

2
4
5
9
13
14
16
17
19

3
6
7
10
11
12
18
20
21

3
6
7
10
11
12
18
20
21

W=WRank; NW=NWRank; P=PageRank; H=HITS;

W
2
3
1
4
5
6
7
8
9
10
11
12
13
14
15

node
NW H
1
2
3
2
3
1
4
5
6
7

4
5
6
7

8
9
10
11
12
13
14
15

8
9
10
11
12
13
14
15

P
4
5
6
7
2
3
1
8
9
10
11
12
13
14
15

link
NW
1
1
2
2
3
3
4
4
5
5
6
6

W

7
8
9
10
11
12
13
14

7
8
9
10
11
12
13
14
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4.1.3.2 Computation Experiments with Distributed Networks

While it is relatively easy to identify the master nodes or links for the hierarchical
networks, it is usually difficult to identify the authoritative components for distributed
networks, such as sensor networks and certain types of transportation networks. Different
from the hierarchical networks, distributed operation is usually self-organized through
optimization, which allows for a greater allocation of redundancy by the means of
maintenance and operation of the alternative supply paths (Yazdani et al. 2013). Four
distributed networks are chosen in this study and their topologies are shown in Figure 44. The basic information of these three networks is listed in Table 4.3.
Table 4.3 Basic information of the selected distributed networks

Name

n

Grid network (Grid25)

m

Reference

25 40

*

Delaunay Triangulation network (DT10) 10 20 Lee and Schachter 1980
Scale-free distributed network (SF20)

20 26

*

Uniform distributed network (UD16)
16 32
* developed by the author and his collaborators
21

37

32

23
19

11
14

10

6
5
1

38

33
28

16

22

1

17
24
12
15
7
6
2

23

39

20

11

2

18
25
13
16
8
7
3

40

35

34
29

24

30

21

12

3

(a)

19
26
14
17
9
8
4

Yazdani et al. 2013

9

25

20

31

15
18

13

20

10

3

5
2

5

14

15

16
1

1

13

6

4
7

10

8
9

8
11

5

(b)

12

2

6

4

9
4

7

17

10

27
22

19

18

36

3

89
17

25

16

12

6

15
11
21 22
24
18
14
23
10 19
20
13
12
17
15
14
9
13
10
11
7
8
19

9

7

4

3
1
1

18

26

5

2
6
8
7
6

11 13
10

4

20

4

10 17 18
11
12 8 16
15 20
14

3

3 8

9

16

2
2

3

9
21

7

4

2
1

6

5

27

24

14
19

1

5

25

30
23 29

16

28

32 15 31
22
12

26
13

5

(c)
(d)
Figure 4–4 The topology of the selected distributed networks: (a) Grid25, (b) DT10,
(c) SF20, and (d) UD16
Table 4.4 lists the node and link ranking results of the four distributed networks.
As with the hierarchical networks, for certain distributed networks the node ranking of
WRank and HITS algorithms is very similar (e.g. identical for Grid25, and similar for
DT10, SF10, and UD16). However, because NWRank combines of the mutual
reinforcement feature of HITS and WRank as well as the weight normalization feature of
PageRank, the node ranking produced by NWRank is somewhere in between the
rankings produced by WRank, HITS, and PageRank as shown by the SF20 and UD16
networks. For the link ranking, the NWRank algorithm still performs better than the
WRank algorithm for distributed networks, especially for the SF20 and UD16 networks.
UD16 is a good example that illustrates the potential problems of the naïve WRank and
HITS algorithms. It is easy to identify that three communities exist in the UD16 network.
For the link ranking of UD16, the top 11 links produced by the WRank algorithm all
belong to the same community while the top 11 links produced by the NWRank
algorithm distribute among all the three communities, especially the links that connect
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the communities, which reflect the importance of network flow. The same is true for the
ranking of nodes. The WRank and HITS algorithms lead to very similar rankings and all
the top ranking nodes belong to the same communities. However, NWRank (and
PageRank) finds the top ranking nodes from all of the three communities. This problem
for the ranking of nodes in HITS-inspired algorithms, including the naïve WRank
approach, was originally called the Tightly Knit Community (TKC) effect by Lempel and
Soran (2000). A tightly knit community is a small but highly interconnected set of nodes
and the TKC effect occurs when such community scores high in link-analyzing
algorithms (Lempel and Soran 2000). This effect hampers the ability of the mutual
reinforcement approach to identify meaningful authorities (Lempel and Soran 2000).
NWRank is less vulnerable to the TKC effect, and can find meaningful authorities where
the mutual reinforcement approach (WRank and HITS algorithms) fails to do so.
The difference between rankings produced by different algorithms reflects the
different features of each ranking algorithm. The most important feature of HITS and
WRank algorithms is the mutual reinforcement of nodes or nodes and links while the
salient feature of PageRank is the weight normalization of the link. However, the
NWRank algorithm combines the features of both mutual reinforcement from HITS and
weight normalization from PageRank. In addition, NWRank also approximately
considers the network flow in the simultaneous ranking of nodes and links, which is
desirable in infrastructure networks, where links carry commodities; such link-centric
information has not been traditionally featured by other ranking approaches.

Table 4.4 Node and link ranking results of the distributed network
Ranking
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23
24
25
26

W
13
8
12
14
18
7
9
17
19
3
11
15
23
2
4
6
10
16
20
22
24
1
5
21
25

Grid25
node
NW H P
13 13 7
8
8 9
12 12 17
14 14 19
18 18 8
7
7 12
9
9 14
17 17 18
19 19 13
3
3 2
11 11 4
15 15 6
23 23 10
16
2
2
20
4
4
22
6
6
24
10 10
16 16 3
20 20 11
22 22 15
24 24 23
1
5
21
25

DT10
link
node
W NW W NW H P
1
1
1 1
16 16
4
10
4 10
20 20
21 21 10
4
10 4
25 25
8
7
8 7
7
3
3 3
11 11
3
8
7 8
12 12
2
6
2 6
15 15
6
2
6 5
17 17
5
5
5 2
24 24
9
9
9 9
26 26
29 29
30 30
7
19
22
34

7
19
22
34

6
8
10
13
28
1 1 31
5 5 33
21 21 35
25 25 2
3

6
8
10
13
28
31
33
35
2
3

link
W NW
4
16
16 15
6
2
15 20
2
6
1
4
13 13
20
1
7
10
17 18
3
17
5
7
10 12
8
14
18 11
14
5
12
3
9
19
11
8
19
9

W
7
8
4
13
14
6
18
17
9
19
5
20
12
2
16
10
1
15
3
11

SF20
node
NW H P
7
7 8
8
8 7
13 13 17
14
4 13
4
17 10
17 14 12
6
12 14
12 18 6
18
6 4
9
9 9
10 16 16
2
19 18
16
5 3
20 1
5
20 10 2
1
2 11
15 15 15
3
1 5
19
3 20
11 11 19

link
W NW
11 11
7
10
14 14
4
13
10 15
15 16
13
7
8
5
6
16
4
5
6
24
23 23
22 20
20 22
3
3
26 21
24 16
21 19
12
9
9
17
25 25
17
8
19 12
2
18
18
2
1
1

W
12
13
14
15
16
6
10
9
1
8
11
3
2
5
7
4

UD16
node
NW H P
12 14 6
6
12 12
3
13 14
14 15 3
1
16 2
10
1 5
9
10 8
6 9
2
5
9 10
11
8 1
16 11 16
8
2 13
5 15
13
15
3 4
7
7 7
4
4 11

link
W NW
9
32
23 21
22 23
21 24
29 19
30 18
31
1
5
19
22
25
26 32
28
2
8
24
27 17
16 16
17 27
18 13
14 10
13 14
9
11
15
3
10 20
20 26
11 28
1
29
5
30
12 25
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When NWRank is compared with traditional removal-based strategies for the link
ranking, similar ranking results are obtained. See Table 4.5 with a synthesis of
comparisons between NWRank and removal-based approaches when network
performance is determined by efficiency, E (Latora and Marchiori 2007), which will be
defined in Section 4.2.1, and ranking agreement is quantified by cosine similarity. It can
be seen that very high cosine similarities are obtained between traditional link ranking
based on removal strategies and NWRank for the 8 networks that span a diversity of
topologies and sizes. The cosine similarity values are at least 0.84, which indicates that
the NWRank can obtain similar ranking results with the removal strategy. However,
NWRank is much more efficient than the traditional removal strategy. Therefore,
NWRank can be used to rank the nodes and links of typical large engineering
infrastructure systems with ease.
Table 4.5 Comaprison of the ranking between NWRank and the removal strategy
Network

T8

B8

C13

HT15

Grid25

DT10

SF20

UD16

Cosine similarity

0.850

0.879

1.0

0.840

0.953

0.957

0.932

0.903

Results from the hierarchical networks and distributed networks show that
NWRank can obtain similar node ranking results with WRank and HITS algorithms for
the networks without TKC effect or prestigious nodes. For the networks with TKC effect
or prestigious nodes, NWRank performs better than WRank, HITS, and PageRank
algorithms. In addition, NWRank can rank the nodes and links simultaneously while
other algorithms (i.e. HITS and PageRank) can only rank the nodes alone. The ranking of
nodes and links simultaneously is useful in practice for certain networks, especially
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engineering infrastructure systems, like transportation networks or water systems whose
links are important for their operation.
4.1.4. Weighted NWRank Algorithm

The fundamental methodology proposed for WRank and improved for NWRank
focuses on pure topology-based information of the networks, which ignores the physical
characteristics of the nodes and links. In fact, the weight of a link not only depends on its
adjacent two nodes and the Betweeness Centrality but also the information of the link
itself (e.g., type, strength, demand, and role in the system). For example, for
transportation networks, the interstate highway system is usually more important than the
intrastate highway network. The node of a network can also have different weights to
represent their different role in the context of functional networks. Moving beyond the
pure topology of the networks, an extended algorithm for the NWRank algorithm can be
obtained by giving a positive weight to each link and node of the network. This weight
may have different meanings depending on the type of the real network. For instance, it
can represent the length or the type of the highway for the transportation network, the
bridge vulnerability under natural hazards, or socio-demographic factors that affect aid
allocation. The weighted NWRank algorithm with the additions of the free ranking parts
α and β can be expressed as follows:

x = λWy + α

(4.11)

y = λ Hx + β

(4.12)

Solving these equations yields:

x = ( I N − λ 2WH )−1 (λW β + α )

(4.13)
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y = ( I L − λ 2 HW )−1 (λ Hα + β )

(4.14)

where IN and IL are identity matrices, α and β are the free ranking part that all nodes and
links receive, respectively. The α and β terms can be used to give different weights to the
nodes and links, thus reflecting non-network information. The parameter λ2 must be
smaller than the inverse of the largest eigen-value of the WH matrix. Note that the
selection of the weight of the node and link is a difficult and important work that requires
interaction between analysts and stakeholders. If the weights of the node and links are
chosen inappropriately, the weight will overshadow the role of the topology of the
network in the ranking. In addition, based on the numerical experiment results on a major
highway transportation network of South Carolina, it is found that the most important
aspect is the weight ratio between different nodes or link but not the absolute value of the
weight. Further study needs to investigate how to appropriately assign weights to the
nodes and the links to account for both the topological information and the non-network
information, such as highway vulnerability under natural hazards, available resources, or
historic funding allocation patterns.
4.1.5. Case Study Transportation Network

Figure 4-5 shows the case study highway transportation network in South
Carolina, United States. The case study network lies in the greater Charleston area and
includes bridges and roads along freeways, highways, and main roads encompassing the
counties of Charleston, Berkeley, Orangeburg, Dorchester, Colleton, and parts of
Clarendon, Bamberg, Beaufort, Georgetown, Williamsburg, and Calhoun. Highway
bridges are part of the road segments and therefore they are part of the links. Hence, the
failure of bridges will cause the failure of the associated links of the transportation
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network. In addition, failure of a bridge at the intersection of two or more links affects
these links simultaneously. The physical network consists of a total of 185 nodes and 279
road segments. The network consists of 362 bridges from different bridge classes
categorized according to structure, material properties, and construction type. All the
bridges are built according to the AASHTO LRFD Bridge Design Specifications
(AASHTO 2012) and no long-span bridges (e.g., suspension bridge and cable-stayed
bridge) are included. The bridge inventory in the study is obtained from the National
Bridge Inventory (FHWA 2005) fitted to a GIS map of the region’s roadways from
TELEATLAS (2010).

Figure 4–5 Topological structure of the highway transportation network in South
Carolina

The primary purpose of this application example is to demonstrate the use of the
weighted NWRank algorithm to prioritize the highway bridges considering network
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topology, network flow and the physical non-network information of the bridge itself. In
this study, the initial construction cost is used to represent the physical non-network
information of the bridge for a quick scanning of the importance of the bridge itself. As
mentioned in Chapter 3, the construction costs can be estimated using costs per deck area
determined by historic construction data from local departments of transportation
(Nilsson 2008), and the bridge specific deck area. The location of the bridges (i.e., which
link a bridge is located on) represent transportation network information, which could
capture the indirect losses due to increased travel time from bridge damage. As the
indirect losses are usually much larger than the direct losses (i.e., construction cost), the
final ranking score of a bridge is obtained as follows:

BR (i ) = 0.75 y (i ) + 0.25 C (i )

(4.15)

where BR (i) is the ranking score of bridge i, y (i) is the link score where bridge i locates
on obtained from the weighted NWRank algorithm, and C (i) is the ranking score of the
bridge construction cost. For the case study transportation network, it is assumed that the
weight of interstate highway is twice that of the intrastate highway. However, other
weights can be used based on the bridge owners’ preference.
Figure 4-6 shows the top 25 ranking bridges in the South Carolina transportation
network. It can be seen that most of the top ranking bridges are located on the interstate
freeway because more weight is given to the interstate freeway compared to other type of
roads in the bridge ranking. Also, some top ranking bridges are located at critical
intersections of highway segments. In addition, although not shown in Figure 4-6, some
top ranking bridges (top 50) belong to the super-long span bridges which reflect the role
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of the non-network information (i.e. construction cost) on the ranking. The weighted
NWRank algorithm provides the bridge owners an efficient way to prioritize resource
allocation for upgrade of transportation networks. Although transportation networks are
used as case studies, this algorithm can also be applied to prioritize the components of
other infrastructures, such as water systems and power grids.

Figure 4–6 Top ranking bridges in the transportation network of South Carolina

4.2. Inverse Reliability-based Design of Highway Networks
Although several studies have investigated the reliability of the highway
transportation system by either connectivity or traffic flow metrics under seismic hazards
(Liu et al., 2006; Lee and Kiremidjian, 2007; Kang et al. 2008; Stergiou and Kiremidjian,
2010; Bocchini and Frangopol, 2011a; Rokneddin et al., 2011), a framework to guide the
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design of new bridges or the retrofit of existing bridges to satisfy the target performance
of the highway transportation networks has not been developed yet, constituting the aim
of this study. This thesis proposes a risk-based design method to identify the role of
individual bridges in the transportation network and explore the design requirements of
new bridges or the retrofit of existing bridges to achieve target risks at the network and
regional levels. The design objective is to find individual bridge reliability levels to
achieve a target reliability level for highway transportation network-level performance.
The objective function as will be discussed in the following section is highly nonlinear,
discrete, and non-differentiable, making traditional optimization approaches (e.g., linear
programming) unsuitable because traditional optimization approaches are used to solve
linear continuous problems. Therefore, this study proposes an inverse reliability method
based on an algorithm that combines the Genetic Algorithm (GA) and Particle Swarm
Optimization (PSO) algorithm.
4.2.1. Inverse Transportation Network Design Problem

Although currently the bridge design code provides guidelines through
importance factors or force reduction factors to consider the bridge importance within a
network or region, they are based on judgment and characterized only qualitatively. For
example, empirical force reduction factors are used for the seismic design of different
type of bridges in current AASHTO bridge design specifications (AASHTO 2012). The
seismic risk for the bridges (e.g., annual failure probability) is not explicitly quantified in
the current bridge design process (AASHTO 2012). Quantitative evaluations of risk of
different types of bridges that can be used in the design of new bridges or the retrofit of
existing bridges based on the performance of the transportation networks are needed in
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practice. The design objective of this study is to find different individual bridge reliability
levels required to achieve a target reliability level for the transportation network.
Theoretically, each bridge in the transportation network may have a different reliability
level because their role in the network is different from each other. However, it is
impractical to design each bridge with a different target reliability level, particularly for
practical codified implementation. Hence, this study divides the bridges into three types
based on the results of ranking of the bridges in the transportation network: critical
bridges, essential bridges, and other bridges. Note that the number of types of bridges is
based on the authors’ judgment, although consistent with the categories of bridges in the
AASHTO LRFD Bridge Design Specifications (AASHTO 2012). The method developed
in this study can be applied to any number of bridge importance levels desired by bridge
owners. Also, this inverse reliability-based method can also be applied for the design of
other critical infrastructure systems (e.g., power grids and water system) with their own
set of categories with associated target reliabilities.
The inverse transportation network reliability problem can be transferred into an
optimization problem. The evolutionary optimization approach will be used to solve the
inverse reliability problem. The detail of the algorithm will be discussed in the next
section. The reason to choose evolutionary algorithm is that it is able to deal with noncontinuous, non-convex and non-linear objectives. The inverse reliability design can be
transformed into the following optimization problem:
Objective: Find vector X=(x1, x2, x3) with three elements which includes the
reliability level of the three categories of bridges.
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Objective function: Minimize the difference between the reliability index of the
highway transportation network corresponding to the design parameter vector with the
target reliability index which has been prescribed by the decision makers as shown in
Equation (4.16). The reliability here refers to the performance of the networks after
exposure to seismic hazards.

F ( x) =| β − βt |

(4.16)

where β is the reliability index of the transportation network corresponding to a certain
design parameter vector and βt is the target reliability index of the transportation network.
Constraints: Proper constraints are added in the above optimization problem. The
constraints are limits of minimum and maximum acceptable reliability index for the three
categories of bridges as shown in Equation (4.17) to Equation (4.19). These bounds for
the reliability index for each type of bridges are based on the author’s judgment.
However, they can be changed based on the bridge owners’ or the government’s
requirement or based on a more holistic evaluation of current reliability levels provided if
a benchmarking approach is deemed desirable to current practice.

3.75 ≤ x1 ≤ 4.25

(4.17)

3.25 ≤ x2 ≤ 3.75

(4.18)

2.75 ≤ x3 ≤ 3.25

(4.19)

To determine the target reliability levels for the three categories of bridges
quantitatively, it is necessary to select appropriate an metric to describe the transportation
network performance. At the network level, highway networks must maintain
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connectivity among critical nodes in a network as a minimum objective in the aftermath
of a seismic event (Chen et al. 2002; Rokneddin et al. 2012). The necessary connectivity
condition is satisfied if a path between the critical origin and destination nodes remains
connected after an extreme event, during which a number of bridges are expected to
reach a damage state requiring short or long term closure to repair or replace. To maintain
an acceptable level of service, the remainder of the highway network must have enough
paths and redundant traffic capacity to keep the average travel time below an acceptable
threshold. The performance of the networks after exposure to seismic hazards in this
thesis is measured by the reliability efficiency loss. However, other metrics can also be
considered within this optimization framework. The efficiency of a network indicates
how efficient the communication between different nodes in a network, which is defined
as follows (Latora and Marchiori 2007):

E (G ) =

1
1
∑
l ≠ k∈G
N ( N − 1)
dlk

(4.20)

where N is the number of nodes in the network, and dlk is the shortest distance between l
and k pairs, which l and k belonging to the sets of nodes. When it comes to lifeline
networks, further insights on the efficiency properties of the network should include the
reliability of every path connecting the network nodes. In this study, instead of
considering all the nodes in the network, critical origin and destination nodes are selected
based on network topology, the characteristics of the highway, and the importance of the
region, which will be described in the case study section. Hence, the reliability efficiency
for the origin and destination nodes is proposed as follows:
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E (G) =

1
NO N D

∑

1
s∈O and c∈D
d sc

(4.21)

where NO is the number of nodes in the origin node subset and ND is the number of nodes
in the destination nodes subset, dsc is the shortest distance between s and c pairs, which s
and c belonging to the origin and destination sets of nodes, respectively.
The shortest path, also called geodesic path, is a path between two nodes such that
no shorter path exists (Newman 2009). In this study, Dijkstra's shortest path algorithm
(Dijkstra 1959), a greedy algorithm that efficiently finds shortest paths in a graph, is used
to find the shortest path between the origin and destination nodes in the transportation
networks. The number of links in the shortest path is usually counted as a measure of
shortest path. However, such definition of shortest path cannot reflect the practical
shortest distance between the origin and destination nodes which is an important indicator
for the drivers to choose the route. In this thesis, a weighted network model Aw is used,
where the entry Awij is equal to the length of the link (i.e. road segment) that connects
node j to node i. However, in practice, drivers choose the route not only based on the
distance but also based on the total travel time. For example, consider the simple
transportation network shown in Figure 4-7 where the blue lines represent the interstate
freeway and black lines represent the local highway. The length of each link is shown in
the figure. Based on the traditional definition of shortest path, the shortest path between
node A and node E is A-F-E; based on the shortest distance, the shortest path between
node A and node E is A-B-C-D-E; based on the shortest travel time, the shortest path
between node A and node E is A-G-C-D-E. In practice, most drives will chose the third
shortest path A-G-C-D-E. In order to reflect the type of road segments in the decision
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making process of drivers, the driving speed in the interstate freeway is assumed to be
twice that in the local highway. Therefore, when constructing the weighted transportation
network, the distance for the interstate freeway is reduced by half to reflect the difference
of driving speed. Therefore, if the real distance of an interstate freeway is 30km, the
length of links in the transportation network model is 30/2=15km.

Figure 4–7 Simple transportation network to illustrate the concept of shortest path
in terms of topology, distance, and time

A desirable highway transportation infrastructure design goal is to keep its
reliability efficiency high. The efficiency can be quantified by the reliability efficiency
loss:

EL =

E0 − E p
E0

(4.22)

where EL is the efficiency loss, E0 the reliability efficiency of the network without
perturbation, and Ep is the reliability efficiency after perturbations. A high efficiency loss
corresponds to high risk of the network to lose its operational efficiency under external
hazards (Min and Duenas-Osorio 2011). The objective corresponding to the optimization
has been discussed. The following sections will focus on the detailed optimization
algorithms.
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4.2.2. Overview of GA, PSO, and Their Algorithm Combination

Three algorithms are tested in this study to solve the inverse transportation
network design problem: Genetic Algorithm (GA), Particle Swarm Optimization (PSO),
and the combination of these two algorithms because they are the most common heuristic
optimization algorithms. This study will briefly describe these three algorithms.
4.2.2.1 Overview of the Genetic Algorithm

Genetic Algorithm (GA) is an adaptive heuristic search algorithm to generate
optimal solutions for optimization problems through simulating the natural evolution
process (Winter et al., 1996), which was proposed by John Holland (1975) and further
described by Goldberg (1989). Instead of finding the optimum from a single point as in
traditional mathematical optimization methods, in GA, a population is used to search for
the optimal solution (Chou and Ghaboussi 2001). The individual of the population is
usually coded as a binary string called a chromosome. The fitness of each chromosome is
then measured by a specific objective function. Then the GA employs three operators (i.e.
selection, crossover, and mutation) to propagate the population from one generation to
another in which the expected quality over all the chromosomes is better than that of the
previous generation. This process is repeated until the stopping criteria are reached, and
the best chromosome of the last generation is the final optimal solution. A traditional GA
includes the following steps: 1. Generate initial population vectors with all design
parameters randomly; 2. Compute the value of fitness function for each individual in the
current population; 3. Select individuals from the current generation based on their fitness
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values; 4. Use genetic operators (mutation and crossover) to generate offspring; 5. Repeat
step 2 and 3 until the termination criterion is satisfied.
In this study, in order to combine GA with particle swarm optimization to take
advantage the merits of both algorithms, a real-coded GA that uses a vector of floatingpoint numbers instead of a binary string for implementing chromosome encoding is
adopted. The real-coded GA has been proven in the past (Janikow & Michalewicz 1991)
to have better performance than the binary-coded GA for continuous problems due to its
flexibility in dealing with continuous real space.
4.2.2.2 Overview of the Standard Particle Swarm Optimization

Particle swarm optimization (PSO) is a relatively new evolutionary optimization
techniques developed by Eberhart and Kennedy (1995). The concept of PSO comes from
the observation of social behaviors of animals, such as bird flocking and fish schooling.
Similar to GA, PSO is also a population-based optimization method. The optimization is
initialized with a population of random particles. Each particle contains a current location
Xi in the search space, a current velocity Vi, the best position Pi found by this particle up
to this point in the search, and the position of the best particle of the whole swarm as the
global best position Pg. The fitness of each particle can be evaluated according to the
objective function of the optimization problem. The PSO algorithm can be performed at
each step by the following two equations (Jiang et al., 2007):
Vi ( k + 1) = wVi ( k ) + c1u1 ( Pi − X i ) + c2u2 ( Pg − X i )

(4.23)

X i ( k + 1) = X i ( k ) + Vi (k + 1)

(4.24)
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where k is the iteration number, w is the inertia weight that controls the impact of the
previous velocity of the particle on its current velocity, c1 and c2 are learning rates which
control the maximum step size, and u1 and u2 are uniformly distributed random variables
with range (0,1). In PSO, each particle moves towards its own best historical position and
the best position of the entire population. Typically, c1 and c2 are both set to a value of
2.0 (Marinakis and Marinaki 2010), although assigning different values to c1 and c2
sometimes improves the performance (Banks et al. 2007). The inertia weight w is used to
control the convergence behavior of the PSO. In order to reduce this weight over the
iterations to slow the particle as the run progresses, which allows the algorithm to exploit
some specific areas, the inertia weight w is updated according to the following equation
(Marinakis & Marinaki 2010):

w = wmax −

wmax − wmin
×t
MaxT

(4.25)

where wmax and wmin are the maximum and minimum values that the inertia weight can
take, and t is the current iteration steps of the algorithm while the MaxT is the maximum
number of iterations. Another factor, Vmax, is the maximum velocity of a particle in any
given dimension. Once Vi is larger than Vmax, it will be restricted to be equal to Vmax. In
this case, Vmax is set to half the range of the given dimension. This is done to help keep
the swarm under control without moving too fast (Robinson et al., 2002). The termination
criterion for the iterations is determined according to whether the maximum generation or
a designated value of the fitness of Pg is reached.
Compared with GA, PSO has some attractive characteristics. First, there is
information sharing among particles of the population, which may provide an
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evolutionary advantage (Jones 2005). Second, PSO has memory. The information of
good solutions is retained by all the particles; whereas in GA, previous information of the
problem is discarded once the population changes (Kao and Zahara 2008).
4.2.2.3 Hybrid PSO and GA

Although GA and PSO have been used to solve problems in many fields
successfully, there are certain deficiencies of them which make them inappropriate for
certain problems, especially for highly nonlinear, discrete, and non-differentiable
problems, like the inverse reliability-based design of transportation networks in this
study. For example, genetic algorithm may fall in a trap and find a local minimum instead
of the true solution, especially in complex multi-peak search problems (Huang and he
2006, Jiang et al., 2007). Also, PSO may be prone to premature convergence due to the
possibility of an overwhelming, sub-optimal group best influence early in the search
(Angeline 1998). Several studies have found that a hybrid evolutionary algorithm that
combines GA with other algorithms has better ability to find the global optimum than
using one algorithm alone (Angeline 1998, Fan 2002, Robinson et al., 2002, Shi et al.,
2003, Shi et al., 2005, Marinakis and Marinaki 2010). In order to overcome the
drawbacks of standard GA and PSO algorithms, a hybrid algorithm (GAPSO) similar to
Angelina (1998) and Shi et al. (2005) that combines the merits in both GA and PSO is
used in this study to improve the searching abilities.
The main idea of GAPSO is to incorporate the selection and crossover operators
of GA into the PSO algorithm. In GAPSO, GA and PSO work with the same population
generated randomly. These real-coded individuals can be regarded as chromosomes in
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terms of GA, or as particles in terms of PSO. The population is then sorted based on their
fitness values. In each generation, the top-half best-performing particles are marked and
moved to the PSO pool directly. For the worst half of the population, GA is used to
enhance them first before they are operated by PSO. These enhanced particles constitute
the other half of the population in the PSO pool. Then PSO is used to enhance the whole
population. The hybrid algorithm terminates when it satisfies a convergence criterion that
is based on the standard deviation of the objective function values. The detailed steps of
the GAPSO strategy are presented below along with a flowchart illustrated in Figure 4-8.
Step 1: Initialization and Evaluation. Generate a population of size N particles in
the feasible space. Compute the fitness of each individual.
Step 2: Ranking. Rank the particles based on their fitness value.
Step 3: Selection. From the population, select N/2 best individuals according to
the fitness value and move them to the PSO pool. Move the other particles to the GA pool
and GA will be used to improve these particles with the worst fitness.
Step 4: Crossover and selection. The crossover operator is applied to generate N/2
new particles in the GA pool. The particles in the pool are randomly matched into
couples. Each couple reproduces two children by crossover. Therefore, there are totally N
particles in the GA pool. Then select the best N/2 particles in the GA pool and move them
to the PSO pool.
Step 5: PSO operation. Apply PSO operations to update the velocities and
positions of the N particles in the PSO pool based on Equations (4.23) and (4.24).
Update the best solution of each particle and the global best value of the whole swarm.

109

Step 6: Evaluation. Evaluate the fitness of each individual and find the best
solution.
Step 7: Check. Check termination criterion. If the termination criterion is satisfied,
stop. Otherwise, return to Step 2.

Figure 4–8 Flow chart of the GAPSO algorithm
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All of these three algorithms (GA, PSO, and GAPSO) are applied to the inverse
transportation network design problem to compare their performance. Results show that
all of them can obtain the global optimum results for the case study transportation
network. However, compared to GA, GAPSO and PSO can find the optimum solutions
more quickly while the difference between GAPSO and PSO is minor for the
optimization problem investigated in this study. Considering that GAPSO is more
flexible and usually performs better than PSO for broad problems, GAPSO is used to
solve the inverse reliability problem for the case study transportation network which is
described in the following section.
4.2.3. Case Study Transportation Network

Highway bridges are part of the road segments and thus they are part of the links.
Therefore, the failure of bridges will cause the failure of the associated links of the
transportation network. In addition, failure of a bridge at the intersection of two or more
links affects the failure of these links simultaneously. For this case study, three origins
(nodes No. 93, 155, and 171) and three destinations (nodes No. 19, 30, and 33) are
selected for network reliability analysis, as shown in Figure 4-9. The destination nodes
are selected to be in highly populated urban areas. In addition, all of the major hospitals
are located in the destination area, which is important for the emergency response after
seismic hazards. The origin nodes are on the perimeter of the network and belong to the
interstate highway, where the relief can be sent to the disaster stricken area quickly from
the outside regions. Based on the bridge ranking results in Section 4.1, this study assumes
that 10% of all the bridges (i.e. 36 bridges) are critical bridges, 20% of all the bridges (i.e.
72 bridges) are essential bridges, and 70% of all the bridges (i.e. 254 bridges) are other
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bridges. As mentioned earlier, other assumptions can be made by the bridge owners or
the government.

Figure 4–9 Topological structure of the highway transportation network in South
Carolina for O-D optimization

The whole algorithmic approach as shown in Figure 4-8 was implemented in
MATLAB (R2011a) in order to find the target reliability levels for the three categories of
bridges. The following parameters for the GAPSO have been chosen for these
experiments: the maximum number of generations Nmax is 200; the swarm size is 20; the
learning rates c1 and c2 are both set to a value of 2.0; the maximum and minimum values
of inertia weight wmax and wmin are set to 0.9 and 0.4. In the GAPSO algorithm
implemented in this study, the stopping criteria is that the difference between the
reliability index of the highway transportation network corresponding to the design
parameter vector with the target reliability index should be smaller than specified
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tolerance which is specified as 10-6 in this study. This study selects a reliability index β
equal to 3.5 for the target performance of the transportation network, which is around the
median value currently suggested in different codes and standards for ultimate limit states
(Wang et al. 2014b). However, other reliability levels desired by bridge owners can be
specified in the future and the same inverse reliability method can be applied.
This study finds that there is no absolute single best solution for the inverse
transportation network design problem, but a suite of solutions in which all of them
satisfy the target performance for the transportation network and none can be explicitly
said to be better than others without any further consideration. The solution set gives the
bridge owner more alternatives in the selection of a practicable solution. Altogether, 60
runs of the algorithm were conducted to identify the target reliability levels for the three
categories of bridges. Figure 6-10 shows the optimization results for a desirable networklevel reliability index β=3.5 in ascending order of the reliability level for other bridges.
The results in Figure 6-10 suggest that the reliability level of critical bridges decreases
with the increase of the reliability level of other bridges, which means that for the same
target performance of the transportation network, if the target reliability of other bridges
increases, then the reliability level required by the critical bridges decreases. However,
there is no obvious trend for essential bridges. The reason is that the number of essential
bridges is not very large. Also, most of the essential bridges are not located in the
interstate freeway which is important for the performance of the transportation network.
However, it should be noted that if the origin and destination matrix changes, the
reliability level of the essential bridges may have great impact on the transportation
network.
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It must be recognized that in order to provide a practical solution, engineering
judgment and experience is still required. Based on the optimization results, three options
are recommended for target bridge reliability which are listed in Table 4.6. Note that
although the reliability index for critical bridges seems similar (3.8 vs 3.85) for option 3
and option 2, when transformed to the failure probability, the risk actually increased by
23% (7.235e-5 vs 5.906e-5). Therefore, a slight change in the reliability index may lead
to a significant change in the failure probability. Although the transportation network of
South Carolina is used as a case study and connectivity-based performance measure is
used to quantify the vulnerability of transportation networks, this inverse reliability-based
design framework can be used to determine the target reliability levels of bridges in other
regions using a different performance measure. These results allow bridge managers to
compare alternative solutions and choose one of them for implementation. Once the
target reliability levels for the three categories of bridges are selected, performance-based
design (Mackie and Stojadinović 2007) or risk-based design method (Wang et al. 2013)
which will be discussed in Chapter 5, can be used to design the new bridges or retrofit
existing bridges to meet the target reliability.
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Reliability index for three type of bridges
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Figure 4–10 Optimization results for 60 simulations
Table 4.6 Reliability level options of the three categories of briges
Bridge type
Critical bridge
Essential bridge
Other bridge

Option 1
4.05
3.5
2.8

Option 2
3.85
3.4
3.0

Option 3
3.8
3.5
3.2

4.3. Summary
This chapter proposes a novel algorithm for the ranking of network components
and a new risk-consistent framework for the design of highway transportation networks.
Existing popular network element ranking algorithms, such as the PageRank and HITS
algorithms, purely focus on the topological ranking of nodes of a network, while there are
not computationally efficient ways to rank the links of a network. This thesis addresses
such an issue by proposing a new mutually reinforcing network ranking algorithm
(NWRank) which combines the mutual reinforcement feature of HITS and the weight
normalization feature of PageRank by assigning appropriate weights to links based on the
degree of the adjacent neighbor and the Betweeness Centrality of the link instead of
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assigning every link with the same weight as other algorithms assume, given their nodecentric focus. This new algorithm is different in that it can rank the nodes and links of a
network simultaneously, which is important for certain types of networks, particularly
engineering infrastructure systems (like transportation networks) whose links are as
critical as nodes. Two categories of network models (hierarchical networks and
distributed networks) are chosen to test the WRank and NWRank algorithm. Numerical
experiment results show that NWRank can obtain similar node ranking results to those of
the HITS and WRank algorithms for networks without the Tightly Knit Community
(TKC) effect and without prestigious nodes. For the networks with the multiple
communities or prestigious nodes, NWRank can avoid the problem (e.g., the Tightly Knit
Community effect) that exists in the HITS and WRank algorithms. NWRank produces
node rankings that fall somewhere between the rankings produced by HITS, WRank and
PageRank. Also, NWRank can obtain similar ranking results with the traditional removal
strategy. However, NWRank is much more efficient than the traditional removal strategy.
Therefore, NWRank can be used to rank the nodes and links of some engineering
infrastructure systems. Then, a weighted NWRank algorithm is proposed to incorporate
the physical non-network information (e.g., component vulnerability and construction
cost) of the nodes and links of a network and applied to a transportation network
comprising of 362 bridges in South Carolina to prioritize them. This study provides an
efficient way for the stakeholders to prioritize the components of civil infrastructures,
such as transportation networks, water systems, and power grids. The weighted NWRank
algorithm also provides an opportunity to incorporate additional features, such as sociodemographic factors that affect policy (e.g., population density and median household
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income), into the ranking of highway bridges and highway road segments for aid
allocation.
The current bridge design approach tends to focus on individual bridges and uses
empirical importance factors or force reduction factors to consider the bridge importance
within a region while neglecting to consider the performance of the associated
transportation network. Quantitative evaluations of the importance of the bridge based on
the relative importance of the bridge in the transportation network are needed in networklevel design practice. This study proposes a risk-based design method to identify the role
of individual bridges in the transportation network and explores the design requirements
of new bridges or the retrofit of existing bridges to achieve target risks at the network and
regional levels. The design objective is to find individual bridge reliability levels to
achieve a target reliability level for highway transportation network-level performance.
Due to the complexity of the objective function, an algorithm that combines the Genetic
Algorithm (GA) and Particle Swarm Optimization (PSO) algorithm is proposed for the
inverse reliability design of the transportation network. A highway transportation
network in South Carolina is chosen as the case study.
Results found that no absolute single best solution dominates the inverse
transportation network design problem; engineering judgment and experience is still
required to select the optimal solutions form a suite of solutions which all satisfy the
target performance for the transportation network. Based on the optimization results, this
study recommended three potential options for target reliability levels of bridges with
different levels of importance in order to help achieve target network level performance.
The inverse reliability-based design results can be translated into practice by suggesting
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design factors used to distinguish different types of bridges quantitatively instead of using
empirical importance factors and by choosing the structural detailing to ensure desirable
transportation network reliability objectives. Also, the inverse reliability approach can be
used to guide the design of highway components based on the stakeholder’s requirement
and expectation. This approach offers advances over the current bridge design methods,
which assign importance factors to bridges based upon judgment and lack an approach to
achieve network level performance targets, which is consistent with life-cycle risk-based
design philosophy.

115

Chapter 5

Toward A Uniform Risk Design of
Reinforced Concrete Bridges: A
Displacement-based Approach

Chapter 4 provides an approach to determine the target reliability levels of
individual bridges based on the transportation network-level performance. This chapter
provides a method to help achieve the design target in a practical context. This chapter
first focuses on understanding and quantifying various sources of uncertainties, which is
an important task in the uniform risk design framework. Then, this chapter puts forward a
method to design reinforced concrete (RC) bridge columns to achieve a uniform risk of
failure based on the direct displacement-based design (DDBD), which is desirable in
practice to reduce the uncertainty in the performance of bridges across regions relative to
the variable risk resulting from the application of current design codes. Uniform risk
means that in general bridges of a similar class (e.g., critical, essential, and other bridges)
should have similar performance under seismic hazards. In addition, this research extends
118
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DDBD to the design of bridge columns with the consideration of SSI effects by
performing two main tasks: (1) developing a model to estimate the yield displacement of
the column including the flexibility of foundations and (2) assessing the equivalent
damping in a soil-column system as a function of ductility. This research enables a
uniform risk of failure of bridges, rather than the variable risk resulting from the
application of current design codes, thus transforming the design philosophy from
traditional uniform hazard perspectives to uniform risk.

5.1. Quantification of Uncertainties
Uncertainties play an important role in the risk assessment as well as risk-based
design. In the risk assessment, uncertainties determine to what extent the confidence of
the magnitude of risk is. In the risk-based design, uncertainties have a great impact on the
selection of design parameters to reach a target performance. This section will quantify
various uncertainties in the RC bridges under seismic hazard.
5.1.1. Uncertainty in the Fragility Analysis

The uncertainties in the nonlinear time history analyses come from the earthquake
ground motions as well as structural modeling parameters. The modeling uncertainties
come from the material properties, mass, damping, and the stiffness of the bearings. The
logarithmic standard deviation about the estimated median in the results of the non-linear
time history analysis, which is captured by β D |IM , and estimated by Equation (5.1):

β D|IM =

∑ (ln(S

Di

) − ln(aIM b )) 2

N −2

(5.1)
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β D |IM can be used to estimate the record-to-record uncertainty (RTRU), modeling

uncertainty (MU), or the total uncertainty (TU) that combines both the RTRU and the
MU, which depends on the modeling approach of the structural model and the chosen
ground motions. To separately identify the RTRU and the MU, a deterministic structural
model corresponding to the mean/median values of the model parameters is used to
estimate the RTRU. Then, a random structural model with Latin hypercube sampling
reflecting both aleatoric and epistemic uncertainty is used to estimate the MU and the
TU. The RTRU is compared with the MU. The fragility curve of the engineering demand
parameters (EDPs) resulting from RTRU only, and the TU are evaluated and compared to
assess the influence of uncertainty on the fragility of highway bridges.
The uncertainty values are closely related to the IM selected for the fragility
analysis. Although a previous study (Wang et al. 2013) showed that peak ground velocity
(PGV) is an optimal IM based on its efficiency, practicality, and sufficiency, PGV is not
used as the IM in this study because there is currently no readily available hazard data
provided by the USGS for PGV. Therefore, only IMs with available hazard data as shown
in Table 5.1 are compared. The spectral acceleration at the fundamental period of the
structure has been recognized as an efficient IM. Because this bridge is three
dimensional, the square root of the sum of the squares (SRSS) of the spectral
accelerations corresponding to fundamental period of the deterministic bridge model in
the longitudinal and transverse directions taken from each of the horizontal components
is used as the IM. Results show that Sa-f is better than other structure-independent IMs
based on efficiency, or dispersion. Therefore, Sa-f is used in this study to quantify the
uncertainty and to obtain the fragility curve of the key components of the bridges.
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Table 5.1 Intensity measures of the input ground moitons
IM

Description

Units

PGA

Peak ground acceleration

g

Sa-02

Spectral acceleration at 0.2 s

g

Sa-05

Spectral acceleration at 0.5 s

g

Sa-1

Spectral acceleration at 1 s

g

Sa-f

Spectral acceleration at the fundamental period

g

The EDPs considered herein are selected among a number of critical bridge
components. These include demands placed on the columns, bearings and abutments, as
listed in Table 5.2. Different measures are available for defining the limit states of
reinforced concrete columns, such as drift ratio, residual displacement, and curvature
ductility, among others (Wang et al. 2013). In this study, the curvature ductility and the
drift ratio are adopted as the EDPs for columns. After each nonlinear time history
analysis, the maximum demands of the key components are recorded, and regression
analysis is carried out to establish the relationship between the EDPs and the IMs.
Table 5.2 Engineering demand parameters considered in developing PSDMs
Demand parameter

Units

Column drift ratio

%

Column curvature
Longitudinal bearing deformation

m

Transverse bearing deformation

m

Active abutment deformation

m

Passive abutment deformation

m

5.1.2. Description of Bridge Models and Selection of Input Ground Motions

The first step in the uniform risk design framework requires a set of bridge
models that reflect a reasonable range of actual designs. A detailed review of the national
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bridge inventory (NBI 2011) for the recently designed bridges built after the year 2000
shows that multi-span continuous concrete girder (MSCCG) bridges accounts for a
significant percent of the total recently designed bridges. Therefore, this study uses
MSCCG bridges as a case study to quantify the uncertainty and analysis the uncertainty
on the fragility of the components.
Based on the statistical analysis of the NBI database (NBI 2011) for the recently
designed MSCCG bridges built after the year 2000, six idealized MSCCG bridge
configurations are defined. These sample bridges have three spans with zero skew. The
geometric properties of the bridges (numbered S1 to S6) are presented in Table 5.3. The
layout of the three-span MSCCG bridges for this study is shown in Figure 5-1. The ratio
of the maximum span (Lm) to the approach span (La) is 1.4 based on the review of bridge
plans (Ramanathan 2012). The girders rest on elastomeric bearing pads at the bent and at
the seat abutments. In this study, both the single column bents and multi-column bents as
show in Figure 5-1 are considered depending on the width of the bridges. OpenSees is
used to perform the nonlinear dynamic analyses. The detail description of the finite
element model in OpenSees will be discussed in Chapter 7 for modeling complexity. The
foundations are assumed to be fixed at the column base.
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Figure 5–1 Layout of the multi-span continuous concrete girder bridge
Table 5.3 Samples of three-span MSCCG bridges
Bridge No. Spans Maximum span length (m) Deck width (m) Column Height (m)
S1

3

18.20

10.70

5.19

S2

3

34.41

14.60

5.42

S3

3

29.02

13.59

7.16

S4

3

47.00

14.10

5.56

S5

3

36.98

22.83

7.73

S6

3

30.50

12.60

9.51

A set of 80 “broad-band” ground motion records assembled by Baker et al. (2011)
for the PEER Transportation Research Program is selected for this study. These records
refer to sites characterized by average shear wave velocity in the top 30m of 250m/sec
(AASHTO site class D). The ground motions have two orthogonal components. The
range of peak ground acceleration values (geometric mean of the two horizontal
components) is from 0.0325g to 1.187g.
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5.1.3. Quantification of Various Uncertainties
5.1.3.1 Record to Record Uncertainty

One of the major challenges associated with performance-based seismic design is
the identification of the uncertainties in the ground motions. In this section, only the
record-to record uncertainties (RTRUs) from the ground motions are investigated. The
nonlinear time history analyses are performed for the deterministic model where
mean/median values are used for the design modeling parameters. The average RTRUs of
the chosen key components for the 6 bridges are calculated and listed in Table 5.4.
Table 5.4 Record to record uncertainty (RTRU) of the key components
Column
curvature
RTRU 0.571

Column
drift

Abutment bearing
longitudinal

Abutment
bearing
transverse

Abutment Abutment
passive
active

0.480

0.315

0.443

0.741

0.818

Table 5.4 shows that different EDPs have quite different RTRUs. The abutment
has the largest RTRUs while the bearing has the smallest RTRUs. Even for the same
component, the RTRU is different if different measures are defined for the limit states.
For the column, the column curvature has larger RTRU than the column drift. The
RTRUs of most components of the bridges are larger than the suggested value from
previous study (Haselton and Deierlein 2007), who found that the RTRUs range between
0.35 and 0.45 for the reinforced concrete frames of varying height.
5.1.3.2 Modeling Uncertainty

In the last section, the design parameters are taken as constants (mean/median
values) when nonlinear time history analysis is performed to estimate the bridge
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response. In this section, the uncertainties associated with modeling parameters are
investigated. The uncertainties in the structural model such as concrete and steel
strengths, bearing friction coefficients, damping ratio, mass and dead loads are all treated
with random variables and their specific probability distributions are based on literature
reviews (Nielson and DesRoches 2007) and compiled in Table 5.5. Note that some other
parameters of the structural models are linked to the chosen random variables. For
example, the elastic modulus was assumed to depend on the concrete strength. The
geometry of the bridge was considered deterministic.
Table 5.5 Probability distributions and associated parameters for the CBSF system
Probability
Distribution

Assumed Distribution Parameters
µ3

σ4

λ5

ξ6

c.o.v.7

Bounds

Concrete Strength
(MPa)

Normal

33.8

4.3

---

---

---

---

Steel Strength (MPa)

Lognormal

---

---

6.13

0.08

---

---

Coefficient of Friction
of the elastomeric
bearing pad

Lognormal

---

---

ln(med)*

0.1

---

---

Shear modulus of the
elastomeric bearing pad
(Mpa)

Uniform

---

---

---

---

---

0.662.07

Damping ratio

Normal

0.045

0.013

---

---

---

---

Mass

Uniform

Random Parameters

0.901.10
3
4
5
6
µ-mean; λ-logarithmic mean; σ-standard deviation; ξ-logarithmic standard deviation; 7 c.o.v.coefficient of variation;
*Bearing friction is a function of the normal stress placed on the bearing.

Using a Latin-hypercube sampling technique (Ayyub and Lai 1989), 80 bridge
models are generated accounting for the MU. Due to the consideration of the
computational cost, seven mediate to large earthquakes are selected to investigate the
modeling uncertainty. In all cases modeling uncertainty was defined as the standard
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deviation of the natural logarithm of the EDPs. Note that the MUs differ from record-torecord. Therefore, the MU is computed as the average of the uncertainty resulting from
each of the ground motions considered. The MUs for different EDPs are summarized in
Table 5.6.
Table 5.6 Modeling uncertainty (MU) of the key components
Column
curvature
MU 0.312

Column
drift

Abutment bearing
longitudinal

Abutment
bearing
transverse

Abutment Abutment
passive
active

0.263

0.120

0.211

0.358

0.272

Table 5.6 shows that there is indeed an effect from modeling variability, but that
such an effect is much less significant than the effect of ground motion uncertainty. This
observation is consistent with previous studies (Kwon and Elnashai 2006). Again,
different EDPs have different MUs. The abutment also has the largest MUs and the
bearing has the smallest MUs. The MU is also different for the column defined with
different EDPs and the column curvature has larger MU than the column drift.
5.1.3.3 Total Uncertainty

The cloud methods can also be used to determine the total uncertainty that reflect
both the RTRU and the MU. Again, using a Latin-hypercube sampling technique (Ayyub
and Lai 1989), 80 bridge models to match an equal number of ground motions are
generated accounting for total uncertainty. The average total uncertainties of different
EDPs for the 6 bridges are summarized in Table 5.7. Previous studies (Dolsek 2009)
suggest that total uncertainty for buildings can be well approximated by the square root of
the sum of the squares (SRSS) of the RTRU and MU. Therefore, Table 5.7 also shows
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that the SRSS of the RTRU and MU derived from section 5.1.3.1 and section 5.1.3.2,
respectively.
Table 5.7 Total uncertainty (TU) of the key components
Column
Column Abutment bearing
curvature drift
longitudinal

Abutment bearing
transverse

Abutment Abutment
passive
active

0.877

0.706

0.375

0.749

0.694

0.726

SRSS 0.651

0.547

0.337

0.491

0.823

0.862

TU

Table 5.7 shows that the TUs are much larger than the RTRUs for most
components while they are smaller than the RTRUs for the abutment. Similar to the
RTRUs and the MUs, different EDPs have different TUs. However, the column rather
than the abutment has the largest TU. In addition, the SRSS approach underestimates the
total uncertainty of the components in most cases except for the abutment. Comparison of
the TU induced by both ground motion uncertainty and the model parameter uncertainty
highlights the importance of accounting for the latter. Although modeling uncertainty
alone is small as mentioned in section 5.1.3.2, it will significantly magnify the
uncertainty of the EDPs induced by the ground motions only. Therefore, MUs must be
considered simultaneously with the RTRUs and considering the MUs separately with
RTRs will underestimate the uncertainty of the EDPs. The ATC-63 (2009) project
suggests the composite uncertainty combining uncertainties from different sources to be
0.60 for the fragility analysis. However, results from this studies show that for bridge
structures the total uncertainty should be larger than 0.6. Therefore, this study suggests
that if column curvature is used to measure the damage of the column, the TU should be
0.9 while the TU can be reduced to 0.7 if drift ratio is used as the EDP. For the bearings,
this study recommends to use 0.4 for the longitudinal direction and 0.8 for the transverse
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direction as the TU. For the abutment, this study suggests to use 0.7 as the TU for both
passive and active directions.
5.1.4. Influence of Uncertainty on the Fragility Curve

As described earlier, incorporating MUs will increase the dispersion of the
collapse fragility and may also shift the median collapse capacity. This section will
identify to what extent the MU will influence the fragility of the portfolios of bridge
structures that reflect new seismic design standards. Figure 5-2 compares the fragility
curves for the columns curvature, the bearings at the abutment with and without MUs for
the extensive damage state for one of the 6 bridges. Similar trends are observed for other
damage states and other bridges.
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Figure 5–2 Fragility curve for the extensive damage state: (a) column; (b) bearing at
the abutment

Figure 5-2 illustrates that MU plays an important role in the fragility of the
columns and the bearings. The fragility curve accounting for both RTRUs and MUs is
flatter than the fragility curve accounting for RTRUs only. In addition, modeling
uncertainties shift the median capacity of the components (failure probability equal to
50%) to a smaller value. However, the extent of the change depends on the component
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under consideration. For instance, the MUs decrease the median Sa-f of the column
curvature and the bearings at the abutments by 19.6% and 16.8% respectively for the
extensive damage state. However, the MUs only have minor influence on the fragility of
the abutment, although not shown here. Comparison of the fragility incorporating the
RTRU only and the fragility incorporating both the RTRU and the MU highlights the
importance of accounting for the latter when evaluating the seismic risk of the bridges
considered in this study.

5.2. Uniform Seismic Risk Design of RC Bridges
Reinforced concrete (RC) bridge columns are among the most important
components in the seismic design of bridge structures given their role in resisting lateral
loads imposed by earthquakes and in transferring vertical loads. The objective of this
study is to highlight a design method; therefore, a simple reinforced concrete bridge
column model is used. This simple model offers a valid basis of comparison with existing
seismic design methods that also adopt this simplifying assumption of emphasis on
column design. However, the risk-consistent design approach put forward in this thesis
can be extended in the future to the design of multi-degree-of-freedom bridge. In several
cases, a cantilever column with lumped mass simplification can be assumed for the
seismic analysis of bridges adopted in basic design procedures. For example, a regular
bridge under transverse excitation conforms to the assumptions of a SDOF approximation
(Priestley et al. 2007). This assumption is also applicable to the multi-column bridges
under longitudinal excitation in which elastomeric bearings are used to connect the
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column and the superstructure. Therefore, a cantilever column model is used to illustrate
the uniform risk design approach.
5.2.1. Basic Column Parameters

In order to find the design parameters that have the most effect on the seismic
responses of RC bridge columns, a wide range of parameters that represent actual design
situations are selected, including the geometrical properties (e.g., height, diameter, aspect
ratio), material strength (e.g., concrete strength and steel strength), and structural
characteristics (e.g., axial load ratio, longitudinal and transverse reinforcement ratio).
Table 5.8 lists the design parameters considered in this study and the minimum and
maximum values of each design parameter. The ranges of these parameters are selected
based on a literature review (Priestley et al. 1996; PEER 2003; Ramanathan 2012) and
cover the majority of cases of the parameters currently used for the design of RC bridge
columns in the United States. The aspect ratios are restricted in between 3 and 7, such
that the columns are dominated by flexural failure. Shear critical (small aspect ratio) and
stability control (large aspect ratio) columns are beyond the scope of this thesis and need
further study. Only circular column sections that have been widely used in the United
States are considered in this study because circular sections show desirable performance
compared to the rectangular columns, such as the independence of direction of seismic
capacity and the excellent confinement effect of transverse reinforcement for the core
concrete (Priestley et al. 1996).
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Table 5.8 Design Parameters for the RC Bridge Colulmns
Design parameters

Range
Minimum

Maximum

Concrete Strength (MPa)

20

50

Steel Strength (MPa)

400

600

Height (m)

3

10

Diameter (m)

0.6

2.0

Axial load ratio (ALR)

0.03

0.2

Longitudinal reinforcement ratio

0.007

0.04

Transverse reinforcement ratio

0.004

0.011

Aspect ratio

3

7

Before establishing the multi-parameter probabilistic seismic demand model
(MPSDM), parameters that significantly affect the seismic demand of the bridge columns
must be identified in order to simplify the final MPSDM and its regression equation. The
height and diameter reflect the basic characteristics of the bridge column and therefore
should be included in the MPSDM. Other design parameters that strongly influence the
RC bridge column seismic demand can be identified from sensitivity studies as one
possible approach. Hence, to find the effect of design parameters on the column response,
each parameter is analyzed for its minimum value, maximum value and median value,
while the other parameters are kept constant. Then the absolute value of the difference in
column response between the minimum, maximum and the median values can be
analyzed to find whether that parameter has a significant impact on the response and be
considered as an input variable in the MPSDM.
The Open System for Earthquake Engineering Simulation (OpenSees 2006) is
used to perform the nonlinear dynamic analyses for the RC bridge column. The RC
bridges are assumed to be founded on rock and therefore fixed base foundation models
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are used in this study as show in Figure 5-3. The superstructure is idealized as a lumped
mass on the column top. The average range of change for different design parameters
obtained from 7 moderate to large ground motions is shown in Table 5.9. Results show
that the concrete strength, the axial load ratio, and the longitudinal reinforcement ratio
have a significant influence on the displacement at the bridge deck, while the steel
strength and the transverse reinforcement ratio only have minor impact on the response.
Therefore, the steel strength and the transverse reinforcement ratio are not included in the
MPSDM.
Table 5.9 Sensitivity study of the parameters for RC bridge columns
Design parameters

Range of change
(Min-Med)/Med (%)

(Max-Med)/Med (%)

Concrete Strength (FC) (MPa)

-33.6

21.5

Steel Strength (Fs) (MPa)

1.1

0.5

Axial load ratio (ALR)

-61.1

38.6

Longitudinal reinforcement ratio (ρl)

68.4

-32.4

Transverse reinforcement ratio (ρs)
0.7
Min: minimum value; Med: median value; Max: maximum value

-0.6

Figure 5–3 Cantilever bridge column and OpenSees model
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5.2.2. Input Ground Motions

Since the multi-parameter probabilistic seismic demand model is meant to be
generally applied at multiple sites, the ground motions need to cover a wide geographic
area with different magnitudes and epicentral distances. The ground motions also need to
cover a broad range of intensity measures (IMs) and values for them. Hence, a total of
300 earthquake ground motions from different sources are collected in this study,
including 120 motions assembled by Baker et al. (2011) for the PEER Transportation
Research Program, the suite of ground motions used in the ATC-63 guidelines (ATC
2009), and synthetic ground motions developed by Fernandez and Rix (2006). The
ground motions selected in this thesis thus cover a wide range of magnitudes (4.0-7.6),
epicentral distances (8.7km-98.2km), site classes (B, C, D, and E), and IM levels. For
instance, the range of peak ground acceleration values is from 0.0325g to 1.8515g.
Because there are no specific recommendations for assessing vertical acceleration effects
in current AASHTO Guide Specification for LRFD Seismic Bridge Design, only
horizontal ground motions are considered in this study. The detailed analyses on the
influence of the vertical ground motions on the seismic response of bridges will be
discussed in Chapter 7.
5.2.3. Multi-parameter Probabilistic Seismic Demand Model

The traditional probabilistic seismic demand model (PSDM) only builds a
relationship between an engineering demand parameter with one type of ground motion
IM. Several studies have also tried to use vector-valued IMs to predict the seismic
demand of structures to reduce uncertainties (Baker and Cornell 2005; Rajeev et al.
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2008). In both cases, the seismic demands are solely determined by the parameters from
the ground motions, which means that the PSDM is structure-specific. Therefore, for a
new structure, when the design parameters change, new nonlinear time histories analyses
have to be performed, which becomes impractical when having component design goals
in mind.
This thesis therefore puts forward a multi-parameter probabilistic seismic demand
model (MPSDM) that includes additional parameters not only from the ground motions
but also from the bridge column design details in Table 5.8. Because this study needs to
investigate a variety of bridge columns with different properties, only IMs that are not
structural specific as shown in Table 5.10 are compared. The trade-off for use of these
structure-independent IMs is the increase of the uncertainty in the MPSDM. Results show
that Sa1 is better than other period-independent IMs based on efficiency or based on
dispersion. This result is consistent with a recent previous study (Ramanathan 2012).
Therefore, Sa1 is used in this study for the MPSDM.
Table 5.10 Intensity measures to characterize input ground motions
IM

Description

Units

PGA

Peak ground acceleration

g

Sa1

Spectral acceleration at the period of 1 second

g

Sa0.5

Spectral acceleration at the period of 0.5 seconds

g

Sa0.2

Spectral acceleration at the period of 0.2 seconds

g

In total, 1 200 bridge column models were generated to span the range of the
design parameters listed in Table 5.8, each of which was subjected to one of the chosen
ground motions. In order to obtain 1 200 ground motions, four repetitions of the 300
ground motions are used. Also, as the height and diameter with the aspect ratio are not
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functionally independent, the height and aspect ratio are used to generate the models in
this study. Upon observing outliers in the sample (e.g., the aspect ratio is not in the
required range), they are abandoned and a new sample generated. After each nonlinear
time history analysis per sample, the maximum displacements at the bridge deck are
recorded, and regression analyses are carried out to establish the relationship between the
displacements, the design parameters and the chosen IM. While probabilistic seismic
demand analysis using scalar IMs is a well developed concept, incorporation of multiple
parameters remains a challenging task. This is because the appropriate form of the
demand model for multiple parameters needs to be defined. Several functional forms,
including polynomial, power-law, and exponential models, are fitted to the data to find
the appropriate form. The main criterion to select the optimal functional form is the
magnitude of the error including the root-mean-square error (RMSE) and the coefficient
of determination (R2). After comparing multiple functional forms, it was found that
Equation (5.2) fitted the data the best. The coefficient of determination of the regression
is 0.87, which indicates that the regression is adequate. Also, the equation chosen in this
study after comparing different functional forms has the least RMSE.
Δ = (c + dH c e D f ALR g FC h ρl i ) IM

j

(5.2)

where ∆ is the displacement at the bridge deck; Hc is the height of the column; D is the
diameter of the column; ALR is the axial load ratio; FC is the strength of the concrete; ρl is
the longitudinal reinforcement ratio; IM is the intensity measure; c, d, e, f , g, h, i and j
are the regression coefficients (listed in Table 5.11). Note that Equation (5.2) shows
functional similarity with Equation (3.22) by replacing the coefficient a in Equation
(3.22) with an expression including the design parameters.
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Table 5.11 Regression coefficients for the MPSDM
Regression
coefficient

c

d

e

f

g

Value

-2.1861

1.5273

0.1344

-0.0885

0.0387

h

i

j

0.0209 0.0303 0.7686

5.2.4. Seismic Fragility Analysis of RC Bridge Columns

As mentioned in Section 5.2.3, this thesis puts forward a new multi-parameter
probabilistic seismic demand model (MPSDM). Therefore, the fragility equation will be
conditioned not only on the ground motion IM but also on the column design parameters.
With the help of the MPSDM defined in Equation (5.2), fragility curves for an array of
bridge columns with different design details can be obtained by Equation (5.3) without
requiring new non-linear time history analyses. The multi-parameter fragility curves
derived in this thesis provide a convenient way to find the influence of different design
parameters on the risk (i.e., annual failure probability) of RC bridge columns.
⎛ ⎛ SD ⎞ ⎞
⎜ ln ⎜ ⎟ ⎟
S
⎡Δ
⎤
P ⎢ ≥ 1| IM ; H , D, ALR, Fc, ρl ⎥ = Φ ⎜ ⎝ C ⎠ ⎟
2
⎜
C
⎣
⎦
β D + βC2 ⎟
⎜⎜
⎟⎟
⎝
⎠

(5.3)

In order to obtain the fragility curves of the RC bridge columns, the capacity
model for the columns must be defined in addition to the MPSDM. Limit states for bridge
components combine a qualitative description of their level of damage and associated
traffic closure times with a quantitative metric of their physical state (Nielson and
DesRoches 2007a). The capacity limit states can be described by their median values and
dispersions. This thesis only considers the ultimate limit states that will cause the collapse
of the bridge because only ultimate limit states are considered in current AASHTO LRFD
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Bridge Design Specifications (AASHTO 2012) for earthquake hazards. A number of
different measures are available for defining the limit states of reinforced concrete
columns (Mackie and Stojadinović 2007; Berry and Eberhard 2003). These metrics
include drift ratio, displacement ductility, residual displacement, and curvature ductility,
among others. In this study, the ultimate displacement limit state of the columns is
estimated by the strain limit of the concrete and the longitudinal reinforcement in the
plastic hinge region which can directly reflect of the damage of the column. The
maximum fiber compression strain limit of the concrete is estimated based on the
transverse reinforcement ratio (Kowalsky et al. 1995). Longitudinal reinforcement strain
limits are related to provisions of adequate protection against bar buckling or low cycle
fatigue (Kowalsky et al. 1995). In this study, the ultimate strain of the longitudinal
reinforcement is assumed to be 0.06. The curvature ductility of the column section can be
obtained once the concrete or longitudinal reinforcement reach its allowable maximum
strain. The ultimate displacement at the top of the column can be obtained by the
relationship between curvature ductility and displacement ductility. Since currently there
are not widely acceptable uncertainty values for bridges under seismic hazards, for the
overall uncertainties in the demand and capacity model, the composite uncertainty
combining uncertainties from different sources is considered to be 0.90 for the fragility
analysis based on the above uncertainty study to account for the record-to-record
uncertainties, modeling uncertainties, and the capacity uncertainties (Wang et al. 2013b).
Fragility curves are used to link the IM as well as the column design parameters to
the damage measure, and hazard curves are used to assess the likelihood of different IM
levels. The mean annual failure probability (MAFP) of the RC bridge column can be
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obtained by the convolution of the fragility curve and the hazard curve HSa1 as shown in
Equation (5.4).
MAFP = ∫ P ( Δ ≥ C| Sa1 ; H c , D, ALR, Fc, ρl ) | dH Sa1 (Sa1 )|
Sa1

(5.4)

The MAFP values are used in this thesis as the performance criteria to derive the
column design parameters that steer design towards risk uniformity. The target ductility
factor used for the DDBD is selected based on the MAFP, which will be discussed in
Sections 5.2.5 and 5.2.6.
5.2.5. Target Ductility-based Direct Displacement-based Design

Section 5.2.3 and Section 5.2.4 has discussed the MPSDM and the fragility
analysis. This section will discuss the DDBD method. The fragility analysis and the
target ductility DDBD are two independent steps in the uniform risk design framework.
DDBD is used to design the bridge. After the design, the MPSDM and fragility analysis
are used to check whether the design with specified design parameters satisfies the target
performance. In the DDBD method, structures are designed to achieve a target
displacement rather than being bounded (i.e. less than) by a displacement limit for a
given seismic hazard as suggested in current bridge seismic design codes (AASHTO
2011). In particular, designs are checked only to ensure that the displacement demands
are less than displacement limits in current design code. However, to what extent the
displacement is smaller than the requirement is not an explicit part of the design process.
The idea of DDBD is to use a substitute structure approach (Shibata and Sozen 1976)
with an equivalent stiffness, equivalent damping, and effective period to replace the
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inelastic structure. The design procedure returns the strength required at the plastic hinge
region of the column to meet the target displacement under earthquake excitations.
Finally, DDBD should also be combined with capacity design procedures to ensure that
plastic hinges occur at the intended locations and to protect the foundations and other
critical elements, such as the bent cap. The displacement ductility of a structural element
is a widely used performance parameter because it directly reflects to what extent the
component has been in the plastic state. Therefore, this study uses target ductility as the
performance criteria for the seismic design of RC bridge columns. This contrasts with the
FBD approach in which ductility is specified by force reduction factors (Suarez 2008). A
detailed description of the DDBD method can be found in Kowalsky et al. (1995).
However, for the sake of completeness, a brief description of procedures is given below.
Step 1. Choose initial design parameters: height (H) and diameter (D) of the

column, mass of the superstructure (M), material properties of the concrete and steel
reinforcement, and the target displacement ductility based on the risk of failure.
Step 2. Determine target displacement based on the target ductility: Priestley et al.

(2007) found that the yield curvature φ y is independent of the strength of the section and
can be determined in terms of the yield strain of the flexural reinforcement ε y and the
diameter of the section D with Equation (5.5). The yield displacement Δ y is given by
Equation (5.6), where α is equal to 1/3 for the cantilever column assumption in this study.
The target displacement ΔT is computed by Equation (5.7) based on the target ductility μ .
In certain cases, the target displacement could be larger than the equivalent reduction
spectral displacement PSDeq which will be discussed in Step 4, where the direct
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displacement-based design can still work but it needs iterations to get the target
displacement (Priestley et al. 2007).

φ y = 2.25

εy

(5.5)

D

Δ y = αφ y ( H ) 2

(5.6)

ΔT = Δ y μ

(5.7)

Step 3. Compute equivalent damping, ξeq : for reinforced concrete columns

supported on rigid foundations ξeq can be computed with Equation (5.8) (Priestley et al.
2007). In order to make the displacement of the substitute structure equal to the inelastic
structure, the damping of the substitute structure must be adjusted, which is the purpose
of the equivalent damping ratio.

ξeq = 5 + 44.4

μ −1
πμ

(5.8)

Step 4. Determine the required strength based on the 5% damping elastic

displacement spectrum and the equivalent damping obtained from Equation (5.8) as show
schematically in Figure 5-4. To do this, the 5% damping elastic displacement spectrum is
reduced to the level of equivalent damping by multiplying it by a demand reduction
factor computed with Equation (5.9) (EuroCode 1998) which is commonly used in the
DDBD, where λ = 0.25 for near fault sites and λ = 0.5 for other sites. Then, the target ΔT
can be used to find the required period, Teff, from the reduced displacement design
spectrum as shown in Figure 5-4.
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⎛ 0.07 ⎞
Rξ = ⎜
⎜ 0.02 + ξ ⎟⎟
eq ⎠
⎝

λ

(5.9)

Figure 5–4 Determination of effective period in DDBD (PSD: peak spectral
displacement)

Based on the relationship between stiffness, mass and period of a SDOF system,
the stiffness, Keff , and the strength, V, required for the column are obtained with Equation
(5.10) and Equation (5.11), respectively.

K eff =

4π 2 M
Teff 2

V = Keff ΔT

(5.10)
(5.11)

Step 5. Column design:

1) Design the transverse reinforcement (ρs)
The transverse reinforcement must be designed to satisfy requirements for
confinement and shear strength. Confinement requirements are obtained from the
required displacement ductility. The relationship between the transverse reinforcement
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ratio and ultimate compression strain is based on the energy balance approach of Mander
et al. (1988) as simplified by Priestley et al. (1992) as follows:

ρ s = 0.74(ε cu − 0.004)

f cc'

f yhε sm

(5.12)

where f cc' is the confined strength of the concrete, which may be established from the
approach of Mander et al. (1988), f yh and ε sm are the yield strength and strain at ultimate
strength of the transverse reinforcement, respectively, and ε cu is the required extreme
fiber compression strain which can be estimated by the required curvature ductility
demand and the neutral axis depth at the maximum response. The required curvature
ductility demand can be calculated based on the relationship between the curvature
ductility and the displacement ductility. The neutral axis depth can be estimated based on
the axial load ratio by an empirical equation (Kowalsky 1995). The detailed transverse
reinforcement design steps can be found in (Kowalsky 1995).
2) Design the longitudinal reinforcement (ρl)
The longitudinal reinforcement ratio can be derived based upon momentcurvature analysis for the design bending moment and axial load ratio. Note that
longitudinal steel ratios should be between 0.7% and 4% as commonly used in practice.
Results out of this range indicate improper determination of section parameters (e.g.,
diameter), and then the procedure should restart at Step 1.
Step 6. Check the shear strength
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The shear strength should be greater than the shear demand obtained from the
design bending moment to guarantee the formation of plastic hinges to dissipate
earthquake energy. If the shear strength does not satisfy the capacity design principle, the
transverse reinforcement ratio should be increased.

5.3. Application of the Proposed Uniform Seismic Risk Design
Method to Risk-Consistent Bridge Design
5.3.1. Bridge Columns Selected for This Study

The first step in the proposed framework requires a series of bridge column
models that reflect a reasonable range of actual designs. To achieve a thorough
understanding of the influence of different design parameters (e.g., column height, axial
load ratio, and aspect ratio) on the seismic risk of the RC bridge columns and apply the
proposed risk-consistent design framework for practical design, 20 idealized RC bridge
columns are studied in this thesis to cover a wide range of design parameters used to
build the MPSDM as shown in Table 5.12. For discussion purposes, the bridge samples
considered are separated into three groups: Group 1 includes the bridge samples 1-8 to
analyze the influence of axial load ratio (ALR); Group 2 includes bridge samples 9-14, 1,
3, 5, and 7 to analyze the influence of aspect ratio (H/D); and Group 3 includes bridge
samples 15-20, 1, and 7 to analyze the influence of column height (H). The range in the
aspect ratios is selected to make sure that the columns fail in flexure as mentioned in
Section 5.1. Also, the axial load ratio has an important impact on both the seismic
demand and capacity of RC columns. Typically, the design level axial loads in
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contemporary bridge columns is relatively low compared with high rise buildings,
varying between 4% and 10% of the axial capacity of the columns in the United States
(Online source 2005). In addition, the average design axial load ratio of bridge columns
in seismic regions is about 5% (Sritharan et al. 2007). In order to investigate the influence
of high axial load ratio on the seismic risk of RC bridge columns, the axial load ratio
between 5% and 20% are analyzed. In addition, based on a review of the NBI database
(NBI 2011), the column height of most bridges built after the year 2000 is between 4m to
8m and the mean column height is around 5m. Therefore, four column heights, 3m, 5m,
7m, and 9m, are considered in this study. The diameters of the columns can be calculated
based on the column height and the aspect ratio.
Once the design parameters of RC columns are set, the next stage is to assign
different levels of earthquake resistance to each column through increments in the target
ductility factor. The target ductility DDBD method discussed in the Section 5 is used to
design the RC columns. To illustrate the process, assume that the bridge is located in
California (41.5° N, -123.9° W), a typical region of high seismicity, and that the design
displacement spectrum is taken from AASHTO (2012) for a soil site (Site Class D)
condition as shown in Figure 5-5. In addition, to make the study reasonable, the target
ductility factor μ is limited between 2 and 6, which is a range regarded appropriate in
practice based on the authors’ judgment. The minimum transverse reinforcement ratio is
set to be 0.005 as recommended in typical design (AASHTO 2011). Also, the range of
the longitudinal reinforcement is set in between 0.007 and 0.04. The upper bound of the
longitudinal reinforcement is imposed to avoid congestion and extensive shrinkage
cracking and to permit anchorage of the longitudinal steel per AASHTO (2012), while
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the lower bound of the longitudinal reinforcement is recommended by Kowalsky et al.
(1995) for DDBD.
Table 5.12 Samples of RC Bridge Colulmns
Group

Sample
number

Aspect ratio
(HC/D)

D (m)

4

1.25

5

1.00

S9

3

1.67

S1

4

1.25

5

1.00

S10

6

0.83

S11

7

0.71

S3

3

1.67

S12

4

1.25

5

1.00

S13

6

0.83

S14

7

0.71

HC (m)

S1
S2
S3
Group 1

0.05
5

0.15
0.20

S5

0.05

S7

5

S8

S5

S7

Group 3

0.1

S4
S6

Group 2

ALR

0.1
0.15
0.20

5

5

0.05

0.15

S15

3

0.75

S1

5

S16

7

S17

9

2.25

S18

3

0.75

S7

5

S19

7

S20

9

0.05

0.15

4

4

1.25
1.75

1.25
1.75
2.25

Design spectral displacement (m)
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Figure 5–5 Design spectral displacement of the bridge site
5.3.2. Acceptable Risk Level for the RC Columns

As mentioned in Chapter 1, many criteria have been used to quantify the risk. In
this study, the acceptance criterion is expressed as the annual failure probability (or the
equivalent reliability index β) which depends on the multi-parameter fragility curve, the
hazard curve and the overall uncertainty in the demand and capacity models of the
systems. In addition, acceptable risk levels depend on the preferences of the interested
parties who have different objectives, as well as on the quality of the information
available (Stewart 2010). Regarding allowable collapse probabilities, the ATC-63 project
states that “acceptably low probability of collapse is interpreted to be less than a 10%
probability of collapse under the MCE ground motions” (ATC 2009), where MCE refers
to the maximum considered earthquake. Also, load and resistance factors were calibrated
for the AASHTO LRFD Bridge Design Specification based on a target reliability index β
equal to 3.5 or the failure probability equal to 0.00023 for the combination of dead and
live loads (strength I limit state) (NCHRP 2003). Additionally, in the AASHTO Guide
specification and commentary for vessel collision design of highway bridges (AASHTO
1991), the acceptable frequency of collapse for critical bridges shall be equal to, or less
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than 0.01 in 100 years, while the annual failure probability should be less than 0.001 for
regular bridges.
In this study, the average mean annual failure probability (MAFP) equal to
0.00023 (β=3.5) for all RC bridge columns is selected as the target performance. This
MAFP is around the median value currently suggested in different codes or standards for
ultimate limit states in which the reliability index β is usually between 3 and 4. In
addition, no individual RC bridge column should have an MAFP > 0.00048 (β=3.3)
which is close to twice the mean MAFP, consistent with the requirement of the ATC-63
project. These target failure probabilities are used to select the target ductility factors in
the DDBD. Note that the selection of the target ductility factor μ is similar to an
optimization problem with the objective of minimizing the difference between the risk of
the reinforced concrete bridge columns designed with target risk levels, and the minimal
acceptable annual failure probability, subject to design parameter constraints, such as the
maximum and minimum longitudinal reinforcement ratio.
5.3.3. Results

Six target ductility levels = {2, 3, 3.5, 4, 5, 6} are considered for each column,
which reflect a reasonable range of current design practice. In total, a suite of one
hundred and twenty (six ductility levels × twenty columns) MAFPs are calculated based
on the MPSDM and the target ductility DDBD procedures. As mentioned in Section
5.3.1, the mean ALR of RC bridge columns in seismic areas is about 5% and the mean
height is around 5m. Therefore, RC bridge columns with ALR equal to 5% and height
equal to 5m are used as examples to determine the target ductility factor. Figure 5-6
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shows the relationship between the MAFP and the six target ductility levels for the three
aspect ratios as well as the target average MAFP and the maximum acceptable MAFP.
The ideal target ductility factor used for the DDBD for the RC bridge columns in practice
can be identified based on the acceptable failure probability and the influence of design
parameters on the seismic risk.
Figure 5-6 shows that there are no monotonic trends between the target ductility
factor and the MAFP. The peak value in the MAFP occurs around a ductility factor
between 3 and 4. Results show that RC columns with low and high target ductility factors
have better performance than those with intermediate target ductility factors. For the
complete damage states investigated in this study, Figure 5-6 shows that increasing the
target ductility factor by increasing the transverse reinforcement is effective for
enhancing the reliability of RC columns, whereas increasing flexural strength (using
smaller target ductility levels) by increasing the longitudinal reinforcement is less
effective, especially when the target ductility factor is in between 4 and 6. In fact, when
the ductility factor is in between 4 and 6, increasing the ductility will decrease the risk of
the columns. This finding suggests that a column designed with a lower ductility for an
increased flexural strength may become less reliable under seismic hazard. While
increasing the longitudinal reinforcement ratio can reduce the seismic demand of the
columns according to the MPSDM, less transverse reinforcement will be required due to
the decrease of the ductility level, which will significantly reduce the seismic capacity of
the columns. Therefore, a column design with a lower ductility for an increased flexural
strength will have a high failure probability. However, when the ductility factor reduces
to 2, the columns become more reliable. When the target ductility factor is small, the
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design of transverse reinforcement will be usually dominated by the shear strength, which
is especially true for columns with high ALR. Therefore, when the ductility factor reduces
to 2, even if less transverse reinforcement is needed for the flexural requirement, the
column design still needs a large amount of transverse reinforcement to resist the shear
demand. On one hand, the increase of longitudinal reinforcement will decrease the
seismic demand. On the other hand, the increase of transverse reinforcement due to the
shear demand will increase the seismic capacity of the columns. That is why the bridge
column becomes more reliable when the target ductility factor is 2.
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Figure 5–6 Relationship between annual failure probability and the target ductility
factor for HC=5m, ALR=5%

In the cases where there are several target ductility factors that meet the
performance requirements, other factors should be considered to select the best choice of
target ductility for the uniform risk design. For example, the time-dependent life-cycle
cost developed in Chapter 3 can be used for the cost-benefit analysis. It should be noted
that if the acceptable failure probability were changed, the allowable choices would also
be changed. Alternatively, if the detailing requirements (e.g., minimum transverse
reinforcement ratio) were changed, the deformation capacity of the column would change
and the allowable design options would differ. For columns with low ALRs as most in
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practice, it is recommended to use a target ductility factor equal to 5 or 6 for the DDBD
as shown in the shade area region of Figure 5-6 because these two target ductility factors
can satisfy the acceptable risk levels discussed in Section 5.2. Although when the target
ductility factor is equal to 2 the bridge columns also have a low failure probability, this
target is not recommended for practical design because it needs a large amount of both
longitudinal and transverse reinforcement, which will be significantly more expensive
than the columns designed with target ductility factor equal to 5 or 6.
This study also analyzes the influence of different design parameters on the
MAFP of the RC bridge columns with a target ductility factor equal to 5. Similar
conclusions can be obtained when the target ductility factor is 6. Figure 5-7 shows the
influence of different design parameters on the MAFP of the RC bridge columns
separated into different groups as listed in Table 5.12. Figure 5-7a illustrates that the ALR
has a significant impact on the MAFP of the RC bridge columns. The MAFP of the RC
columns increases significantly with the increase of ALR. The MAFP of the bridge
columns with ALR equal to 20% is almost 5 times that of the columns with ALR equal to
5%. In addition, from the results of the risk analysis, it is not recommended to design the
RC bridge column with a high ALR as large as 20% because many ductility levels violate
the acceptance criteria for the typical design parameters such as the aspect ratio and
column height explored. Additional design requirements would be needed to improve the
overall performance of the columns with high axial load ratios, such as increasing the
minimum transverse reinforcement ratio or using base isolation technique to reduce the
inertial force. Figure 5-7b shows the influence of aspect ratios on the MAFP of the RC
bridge columns. Unlike the ALR, there are no monotonic trends between the aspect ratio
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and the MAFP. The MAFP increases with the aspect ratio first then it decreases slightly
with the aspect ratio. This trend is almost the same for different ALRs as shown in Figure
5-7b for ALR equal to 5% and 15%, respectively. In addition, compared to the ALR and
column height, the MAFP is relatively insensitive to the aspect ratios. Figure 5-7c shows
that not only the ALR and the aspect ratio but also the column height has an influence on
the failure probability of the RC bridge columns. Similar to the trends of the aspect ratio,
the MAFP of the RC bridge columns increases with the column height first and then
decreases with column height. However, in this case the ALR plays an important role.
When the ALR is high, the influence of column height is much larger compared to the
case when the ALR is low. This confirms that RC bridge columns with low ALR perform
more uniformly than those with high ALR. Therefore, it is recommended to design the RC
bridge columns with low ALR (less than 10%) in high seismic areas.
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Figure 5–7 Influence of design parameters on the MAFP of the RC columns: (a)
axial load ratio; (b) aspect ratio; (c) column height.

5.4. Incorporating the Effect of Soil-structure Interaction into the
DDBD
One of the key steps in the target ductility DDBD is the determination of
equivalent damping based on the target ductility. However, no previous study on
equivalent viscous damping for bridges supported on pile foundations has been
conducted. Therefore, this research aims to extend DDBD to the design of bridge
columns with consideration of soil-structure interaction effects by performing two main
tasks: (1) development of models to estimate the yield displacement of the column
including the flexibility of foundations and (2) assessment of equivalent viscous damping
in a soil-column system as a function of ductility. The consideration of soil-structure
interaction in the seismic analysis is essential because previous studies (Wang et al. 2012)
have shown that SSI had significant impact on the seismic response of the RC bridges.
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In seismic design practice, bridge engineers prefer to simplify the soil-structure
interaction effect by using lumped springs whose properties are obtained from empirical
data to simulate the stiffness of the pile foundations. This simplification is made in an
attempt to account for the flexibility that the soil adds to the columns while avoiding
difficult soil modeling issues. Although this method cannot capture the complex behavior
of the interaction of the soil-foundation system, it is relatively easy to implement and is
done in practice. The purpose of this study is to propose a method that can be used by the
bridge engineers. Therefore, this study uses the lumped spring model to simulate the pile
foundations. The translational and rotational stiffness of the pile foundations are modeled
using springs and are assigned to zero length elements at the base of the columns.
5.4.1. Basic Bridge Column Parameters and Modeling Approach

Two parametric studies were performed to study the response of the column-soil
systems. The first study looked at the response under static lateral loads (pushover
analysis) and the second study focused on the response under earthquake loading. The
first step in the proposed framework requires a series of bridge column models that
reflect a reasonable range of actual designs. In order to apply the proposed risk-consistent
design framework and provide recommendations for practical design of reinforced
concrete bridges, thirty-two idealized reinforced concrete column-soil systems are studied
in this thesis to cover a wide range of design parameters (column height, column
diameter, and aspect ratio). The column height ranged from 3m to 10m and the aspect
ratios varied between 3 and 7. Typically, the design level axial loads in bridge columns is
relatively low compared with high rise buildings, varying between 4% and 10% of the
axial capacity of the columns in the United States (Online source 2005). In addition, the
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average design axial load ratio of bridge columns in seismic regions is about 5%
(Sritharan et al. 2007). Therefore, the axial load ratio is taken to be 5% of the column
axial capacity in this study. Only circular column sections that have been widely used in
the United States are considered in this study because circular sections show desirable
performance compared to the rectangular columns such as the independence of direction
of seismic capacity and the excellent confinement effect of transverse reinforcement for
the core concrete.
The Open System for Earthquake Engineering Simulation (OpenSees 2006) is
used to perform the nonlinear pushover and nonlinear dynamic analyses for the bridge
column. The modeling approach of the bridge column has been discussed above. The
translational and rotational stiffness of the pile foundations are modeled using springs and
are assigned to zero length elements at the base of the columns as shown in Figure 5-8.
Trilinear model is used to simulate the translational stiffness. The model assumes that
piles become plastic at a deformation of 1in and first yielding occurs at a displacement
equal to 30% of the ultimate deformation. The initial stiffness is assumed to degrade with
soil surface yielding. Linear model is used to simulate the rotational stiffness.

Figure 5–8 Nonlinear springs for pile foundations (Adopted from Nielson 2005 )
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5.4.2. Yield Displacement of the RC Column Incorporating the Flexibility of the
Foundation

A nonlinear pushover analysis was performed to determine the force displacement
relationship and yield displacement for the column-pile system. The yield displacement is
defined as the yielding point of the outer most steel reinforcing bar. The yield
displacement of the column-soil system consists of a combination of flexural deformation
of the column and the rigid displacement due to the translational motion and rotation of
the foundation at the column base. However, sensitivity study shows that rotational
stiffness of the foundation has a significant influence on the yield displacement of the RC
columns, while transitional stiffness of the foundation only has a minor impact on the
yield displacement. Therefore, the transitional stiffness is not included in the equation to
predict the yield displacement. As mentioned earlier, Priestley et al. (2007) found that the
yield curvature φy is independent of the strength of the section and can be determined in
terms of the yield strain of the flexural reinforcement ε y and the diameter of the section
D with in Equation (5.4) for the fixed base case. The yield displacement Δ y is given by
Equation (5.5), where α is equal to 1/3 for the cantilever column and Hp is the effective
column height including the strain penetration effects (Priestley et al. 2007).
In order to obtain the equation to predict the yield displacement of the columnsoil system, in total, 800 bridge column models were generated conforming to the range
of the design parameters in section 5.3. After each pushover analysis, the yield
displacements were recorded, and regression analyses were carried out to establish the
relationship between the yield displacements and the design parameters. Several
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functional forms, including polynomial, power-law, exponential, and etc, are fitted to the
data to find the appropriate form. The main criterion to select the optimal functional form
is the magnitude of the error including the root-mean-square error (RMSE), coefficient of
determination (R2), and dispersion. After comparing various functional forms, it was
found that Equation (5.13) fits the data best.

Δ y = αφ y ( H p )2 + a

H C b Dc
Kr d

(5.13)

where HC is the column height; D is the column diameter; Kr is the rotational stiffness of
the foundation; a, b, c, and d are the regression coefficients. Once the yield displacement
is calculated, the displacement ductility can be found as the ratio between the maximum
displacement and the yield displacement. The displacement ductility is used to calculate
the equivalent viscous damping as discussed in the following section.
5.4.3. Equivalent Viscous Damping of the RC Column-foundation System

In the study, incremental dynamic analyses are used to increase the displacement
ductility of the RC columns and build the relationship between the equivalent viscous
damping and the ductility factor considering the SSI effect. A set of ten soft-soil
earthquake ground motion records are used. Each record was applied to all the columns
models with twenty different amplification factors, resulting in 200 nonlinear time history
analysis per model and 6400 analyses in total. From each nonlinear time history analysis,
the maximum top displacement and the corresponding displacement ductility and
effective period are obtained. Then, the equivalent hysteretic viscous damping is found as
the viscous damping with which an elastic SDOF system would have the same maximum
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displacement as the inelastic system. Final values of equivalent hysteretic damping
assigned to each column-foundation model are obtained as the average equivalent viscous
damping from the ten earthquake records at each level of ductility. Figure 5-9 shows the
relationship between the equivalent damping and the ductility factor for the column
height equal to 5m under different earthquake records. The figure shows that large
uncertainties exist in the equivalent damping model. The majority of the uncertainty
comes from the record-to-record uncertainty of the earthquake ground motions. Fig. 5-10
shows the hyperbolic trends that best fit the results. It is found that Equation (5.14)
proves the best fit to the hyperbolic trend. The curve fitting is done using an optimization
tool to minimize the sum of the squared difference between the hysteretic damping
predicted by the model and that observed from the simulation.

ξ=

μ
3.8987 + 2.1036μ

− 0.0907

(5.14)
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Figure 5–9 Equivalent damping-ductility relationship under different earthquake
ground motions
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Figure 5–10 Curve fitting for the equivalent damping model

DDBD has been successfully used in the past to design bridge columns that are
fixed at ground level and without soil structure interaction. However, soil structure
interaction has great impact on the seismic response of the bridge columns. This research
develops a predictive function to predict yield displacement of the column-foundation
system and an equivalent damping model to assess the equivalent viscous damping as a
function of ductility factor which are the key steps in the DDBD. Results show that soil
structure interaction provides added flexibility and damping. If compared to the yield
displacement of a column on a rigid foundation, the increase of yield displacement can be
much larger, especially for columns on soft clays. The equivalent damping is also
increased due to the difference between the global ductility factor and the local ductility
factor induced by the soil structure interaction effect. With the yield displacement model
and the equivalent damping model, the target ductility DDBD can be extended from the
fixed- base column to the column-foundation system, which helps to reduce the
uncertainty in the performance of bridges across regions, thus transforming the design
philosophy from traditional uniform hazard perspectives to uniform risk design.
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5.5. Summary
This thesis proposes a new target ductility direct displacement-based design
(DDBD) procedure to design RC bridge columns that achieve a uniform risk of failure,
rather than the variable risk resulting from the application of current design codes. First,
this chapter quantifies the seismic input uncertainty resulting from the earthquake ground
motions, the uncertainty from model parameters, and the total uncertainty through a set of
multi-span continuous concrete girder (MSCCG) bridges. Also, this study investigates the
influence of uncertainty on the fragility of the key components of the MSCCG bridges.
The purpose of the uncertainty study is to quantify the total system uncertainty to provide
a basis for transitioning toward uniform risk design of bridge structures. Results show
that the RTRUs are significantly larger than the MUs. However, MUs still play an
important role in the seismic vulnerability analysis of MSCCG bridges, especially the
effect of MUs will be magnified when they are combined with RTRUs. Incorporating
modeling uncertainties not only increases the dispersion in the response fragility which
makes the fragility curve more flatter, but also shifts the median capacity of the
components to a smaller value. Therefore, MUs should be considered simultaneously
with the RTRUs and neglecting the effects of MUs or considering the MUs separately
with the RTRUs will underestimate the failure probability of the components.
Then, the design parameters that strongly influence the seismic response of the
RC bridge columns are identified from sensitivity studies. Results show that the height
and diameter of the column, the concrete strength, the axial load ratio, and the
longitudinal reinforcement ratio have a significant influence on the seismic demand of the
RC columns while the steel strength and the transverse reinforcement ratio only have
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minor impact on the response. Then, to obtain the risk of RC bridge columns in practice,
a multi-parameter probabilistic seismic demand model (MPSDM) is derived for
computing the RC column fragility based on design parameters of the column. Bridge
fragility curves are developed using a prediction function that incorporates not only the
typical ground motion intensity measures but also the bridge column design details to
facilitate the calculation of the fragility curve for a variety of prospective design
parameter combinations without requiring new non-linear time history analyses.
Finally, a method for uniform risk design of RC bridge columns is put forward
using the MPSDM tool. The key idea of the uniform risk design approach is to identify a
target ductility factor, a widely used performance parameter governing the seismic
response of bridge columns. Typical RC bridge columns involving variations of
parameters are considered in the study and designed with different ductility levels
according to the direct displacement-based design method which has been proven to be
effective for performance-based seismic design. The relationship of the failure
probability of the RC column with the ductility demand is investigated and a target
ductility factor is selected based on acceptable failure probabilities. This study indicates
that the failure probability of the columns with a high axial load ratio is higher than those
with a low axial load ratio. Therefore, it is not recommended to design RC bridge
columns with a high axial load ratio as large as 20%. For columns with a low axial load
ratio, based on the cost in terms of the amount of longitudinal and transverse
reinforcements, a target ductility factor equal to 5 or 6 is suggested for the DDBD to
satisfy the average MAFP and the maximum acceptable MAFP requirement. The design
approach proposed in this study has the potential of designing RC bridge columns with
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uniform risk of failure on average, which is desirable in practice to reduce the uncertainty
in the performance of bridges across regions.

162

Chapter 6

Risk-consistent Design of RC Bridges under
Combined Earthquake and Scour Hazards

The last chapter focused on risk-based design of highway bridges under seismic hazard
alone. This chapter extends the risk-based design of bridges under single hazard to the
risk-based design of bridges under multiple hazards. Among the various extreme events,
scour and earthquakes are the most common causes of bridge collapses in the United
States (Wardhana and Hadipriono 2003). This study quantifies the effect of scour on the
dynamic behavior and seismic performance of reinforced concrete (RC) bridges. Then,
this study investigates a risk-based design approach to combine earthquake and scour
hazards by the multi-hazard convolution method and the stochastic process method
considering the simultaneous occurrence of these two extreme hazards. This riskconsistent multi-hazard bridge design framework provides a basis for combinations of
earthquake and scour loads that is also consistent with the practical load and resistance
factor design (LRFD) methodology. To facilitate the analysis of bridges under the
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combined earthquake and scour hazards, a multi-hazard probabilistic seismic demand
model is proposed, which is the basis for calculating a combined fragility surface as a
function of earthquake and scour hazards. The joint failure probability of the bridges is
then obtained by the multi-hazard convolution of the fragility surface with the seismic
hazard curve and the scour hazard curve. Additionally, this study investigates potential
structural design alternatives to mitigate damage caused by joint flood and earthquake
exposure.

6.1. Case Study Bridges
6.1.1. Bridge Description

The case study bridges used here are reinforced concrete bridges. The first bridge
examples are typical single frame concrete box-girder bridges with integral piers, one of
the most common bridge types in California, presented by Mackie, K. and B.
Stojadinović (2003) which were designed following the Caltrans Seismic Design Criteria
(Caltrans 1999). Multi-span box-girder bridges are the most common bridge type in
California based on a review of the National Bridge Inventory (NBI) database (NBI
2011), and constitute nearly 21% of all bridges in California (Ramanathan 2012). These
selected bridges have a single-column bent with uniform circular cross section over the
complete column height above grade, continuing into an integral Type I pile shaft
foundation (Mackie and Stojadinović 2003). The pile shaft length is assumed to be 1.75
times the length of the column above grade. The bridge has a two-equal-span concrete
box-girder superstructure. A typical 3-lane (design traffic lane width of 3.6m), 4-cell box
girder is also used, for a total width of approximately 11m. The layout of the single frame
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box-girder bridges is shown in Figure 6-1. The dimensions of all the three types of
bridges are listed in Table 6.1. Two bridges of each type (i.e. short-span and mediumspan) are considered and the dimensions of the RC bridges are selected based on the
statistical analysis of the National Bridge Inventory database (NBI 2011) and the bridge
design practice.
The second bridge examples are typical older non-seismically designed MSSS
concrete girder bridges with concrete deck and multi-column bents as shown in Figure 62. The MSSS concrete bridges have been identified by Nielson (2005) to be one of the
most common bridge types in the central and eastern United States (CEUS). The
abutments are seat type with cast-in-place concrete piles. The I girders rest on elastomeric
bearing pads at the bent and at the seat abutments. Regarding the piles, 12.2 m long
concrete piles with 0.46 m×0.46 m square section at the abutments and bents are adopted
in this study because they are the most common substructure geometries and dimensions
in the CEUS (Nielson and DesRoches 2006).
The third bridge examples are typical recently designed MSC concrete girder
bridges with concrete deck and multi-column bents as shown in Figure 6-3. The concrete
girders are continuous over the interior bents. The I girders rest on elastomeric bearing
pads at the bent and at the seat abutments. The ratio of the maximum span (Lm) to the
approach span (La) is 1.4 based on the review of MSC concrete girder bridge plans in
California built after the year 1990 (Ramanathan 2012). The maximum span length and
the column height of the MSC concrete bridges are selected based on the statistical
analysis of the NBI database (NBI 2011) for the recently designed MSC concrete girder
bridges built after the year 2000 (Wang et al. 2014c).
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La

Lm

La

D

A

A

A-A
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Figure 6–3 Layout of the three-span continuous concrete girder bridge
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Table 6.1 Main dimensions of the RC brdges
Bridge
Single-frame boxgirder bridge
MSSS concrete
girder bridge
MSC concrete
girder bridge

Column height
(H) (m)

Column diameter
(D) (m)

Span length
(Lm) (m)

Short-span

7.5

1.6

18.3

Medium-span

10

2.0

36.6

Short-span

4.8

0.914

13.4

Medium-span

4.6

0.914

24.4

Short-span

5.19

1.2

18.2

Medium-span

5.42

1.35

34.41

6.1.2. Bridge Modeling Approach

The OpenSees software (OpenSees 2006) is used to perform the nonlinear
dynamic analyses of the bridges subjected to earthquake loads and scour effects. In the
finite element model of the RC bridges, the modeling approach of superstructures,
columns, bearing, and pile foundations will be discussed in Chapter 7. There are
numerous examples of abutment models for use in analytical bridge studies, based on
both empirical observations and theory. Two main categories can be discerned for these
types of models. The first attempts to model abutment properties by simply providing a
roller support in order to maximize the column demand. The second category uses spring
and gap elements to model properties of the abutment structural and soil systems. The
difference between the two categories indicates how significantly the relative stiffness of
the abutments affects the global bridge response. There is still debate as to whether or not
abutment should be included in the earthquake-resisting model because abutment may
damage during an earthquake. For the box-girder bridge, the roller abutment model as
described by Mackie and Stojadinović (2003) is used. Degrees of freedom with respect to
the longitudinal and transverse direction and rotation of the bridge girders are allowed
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while vertical restraints are placed at both ends of this transverse link. For the MSSS
concrete bridge and the MSC concrete bridge, nonlinear hysteretic springs are used to
model abutment-soil interaction in active, passive and transverse action and pounding
between deck and abutment. The hysteretic behavior of these springs is modeled based on
Nielson and DesRoches (Nielson and DesRoches 2006), whose modeling approach was
validated based on past test data.
The coupled soil-pile interaction behavior is modeled in this work using the
dynamic p-y method as will be discussed in Chapter 7. The foundation systems in this
study are assumed to be in medium sand with friction angle of 33°. The soil mechanical
parameters are adopted following the recommendations of Yang et al. (2008) for typical
soil conditions. In the presence of flood-induced scour at bridge piers, soil around the
shaft foundation or the pile foundation is washed away, which results in a loss of lateral
support and axial friction from the soil for part of the foundation; this in turn causes a
significant change in the load bearing capacity of the foundation. To account for the loss
of lateral support and axial friction, p-y and t-z springs are removed down to a depth
equal to the scour depth measured from the top of the foundation. In this study, six scour
depths (H) equal to 0, 1, 2, 3, 4, and 5 m that cover the expected scour depth for most of
the RC bridges are chosen to investigate scour effects on the dynamic and seismic
behavior of the bridge.

6.2. Influence of Scour on the Dynamic Behavior of the RC Bridges
Before analyzing the influence of scour on the seismic response of the RC
bridges, the dynamic behavior of the RC bridges under different scour depths is

168

investigated, particularly in terms of the change of periods of vibration of the RC bridges.
The fundamental periods of the RC bridges are an important and useful criterion for the
practical design of RC bridges since they determine to what extent the inertial force
caused by the earthquakes can transfer to the substructure. As mentioned, the p-y and t-z
springs are also removed to a depth equal to the scour depth to model the effects of scour.
The removal of p-y and t-z springs reduces the lateral and rotational stiffness of the shaft
foundation and the pile foundations, which in turn elongates the periods of the RC
bridges.
Figure 6-4 shows the natural periods corresponding to different scour depths in
the different RC bridges. Table 6.2 lists the mode shapes for the first six mode shapes for
all the reinforced concrete bridges considered in this study. Figure 6-5 illustrates the
mode shapes for the medium-span box-girder bridge. It can be seen that for the boxgirder bridge, the periods corresponding to two modes (the first and second mode for the
short-span bridge and the first and third mode for the medium-span bridge) increase with
the increase of scour depth while the other periods remain almost the same. These two
modes correspond to the translational vibration, the fundamental transverse and
longitudinal vibration, respectively, as shown in Figure 6-5. For the medium-span bridge,
the second mode is torsional vibration (i.e. the deck rotation and the torsion of the
column) while the third mode is torsional vibration for the short-span bridge. For the two
MSSS concrete bridges, the natural periods corresponding to the first three modes
increase with the increase of scour depth, while other periods remain almost constant.
However, for the short-span MSC concrete bridge, not only the first three periods
increase with the increase of scour depth but the fourth to the sixth periods also increase
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with the increase of the scour depth. For the medium-span MSC concrete bridge, only the
first two periods increase and the other periods have negligible changes. The reason
behind the differential impact of scour on the periods of short- and medium-span MSC
bridges is similar to that for the box-girder bridges. The sequence of the vibration modes
of the short-span MSC bridge and the medium-span MSC bridge is different. As shown
in Table 6.2, for the first 6 modes of short-span MSC bridges, most of them are either
longitudinal or transverse vibration. However, for the medium-span MSC bridge, the
torsional mode and the vertical vibration of the bridge deck occurs for the first 6 modes.
In addition, although not shown here, even for the same bridge, the sequence of the
vibration modes may also change with the increase of scour depth. For example, for the
medium-span MSC bridge, when the scour depth is larger than 5m, the sixth vibration
mode of the bridge is longitudinal vibration instead of vertical vibration when the scour
depth is zero or small.
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Figure 6–4 Influence of scour on the first six natural periods of the RC bridges
under investigation: (a) short-span box-girder bridge; (b) medium-span box-girder
bridge; (c) short-span MSSS concrete bridge; (d) medium-span MSSS concrete
bridge; (e) short-span MSC concrete bridge; and (f) medium-span MSC concrete
bridge
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(a)

(b)

(c)

(d)
(e)
(f)
Figure 6–5 First six mode shapes of the medium-span box-girder bridge: (a) 1st
mode (transverse vibration); (b) 2ed mode (rotation of the deck); (c) 3rd mode
(longitudinal vibration); (d) 4th mode (transverse vibration); (e) 5th mode (transverse
vibration of the deck); (f) 6th mode (transverse vibration).
Table 6.2 First six mode shapes of the RC bridges
Bridge type

Mode shape
First

Second

Third

Fourth

Fifth

Sixth

Short-span box girder

T

L

RD

T

T

RD

Medium-span box girder

T

RD

L

T

RD

T

Short-span MSSS

T

L

T

L

TD

LD

Medium-span MSSS

T

L

T

L

TD

LD

Short-span MSC

T

L

RD

L

T

L

Medium-span MSC

L

T

RD

V

TD

V

T: transverse vibration; L: longitudinal vibration; V: vertical vibration; RD: rotation of
the deck; TD: transverse vibration of the deck; LD: longitudinal vibration of the deck
Generally, scour has significant impact on the first few longitudinal and
transverse vibration modes while scour only has minor influence on the torsional
vibration mode or the vibration mode corresponding to the bridge deck only. Moreover,
the MSSS concrete bridge is more sensitive to the change of scour depth than box-girder
bridges and MSC concrete bridges. For the MSC concrete bridges, the natural periods
increase almost linearly with the scour depths while for the MSSS concrete bridges, the
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rate of increase is almost quadratic. For example, the period corresponding to mode 1 of
the short-span MSSS concrete bridge increases by 65.5% when the scour depth increases
from 0m to 6.4 m while the period corresponding to mode 1 of the short-span MSC
concrete bridge only increases by 13.0%. The reason is that the stiffness of the abutment
has a great impact on the dynamic behavior of continuous bridges while the influence of
the abutment is limited for the simply supported bridges. Therefore, even if the stiffness
of the pile foundation decreases when local scour occurs, the stiffness of the abutment
remains constant, which contributes significantly to the overall stiffness of continuous
bridges. These results show that the influence of scour on the dynamic behavior of
different types of bridges varies. To gain further insights on the effects of scour on
seismically excited bridges, the columns, foundations, and other bridge components are
investigated in the subsequent sections under multiple ground motions to probabilistically
assess the effects of scour on the seismic response of the RC bridges.

6.3. Influence of Scour on the Seismic Fragility of the RC Bridges
In order to isolate the influence of the scour effect, only ground motion
uncertainly is considered in the fragility analysis. It should be noted that the modeling
uncertainty also has influence on the fragility of the RC bridges and detailed information
on the influence of modeling uncertainty on the fragility of RC bridges has been
discussed in Chapter 5. In this study, the seismic respone of the reinforced concrete
bridges are analyzed first for no scour cases (i.e. the scour depth is zero). Then, the scour
depth is increased and the seismic responses are performed again until the scour depth
reaches 5m. Period-independent IMs are considered for the PSDMs (Table 5.10) because
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the periods of the RC bridges are changing under a variety of scour depths. Perioddependent metrics, such as the spectral acceleration at the fundamental period of the
bridge, depend on the scour depth and thus become impractical for design.
The importance of different components of the RC bridges varies due to their
different structural properties and resulting functionality. For instance, the failure of the
columns and foundations clearly affects the vertical and lateral carrying capacity of the
bridges, which leads to their collapse (Wang et al. 2013). Similarly, the unseating of the
superstructure also causes the collapse of the bridge. However, while the failure of some
other components such as bearings and shear keys affects the functionality of the bridges,
such failures do not cause the collapse of the bridge. This thesis only considers the
ultimate limit states of the components that will cause the collapse of the bridge because
only ultimate limit states are considered in the current AASHTO LRFD Bridge Design
Specifications (AASHTO 2012) to combine extreme events. Hence, only the column, the
foundation and the unseating failure mode of the superstructures are considered.
6.3.1. Limit States of Bridge Components and Failure Modes

In order to obtain the failure probability of the bridges, the capacity model for the
components must be defined. The capacity limit states associated with each damage state
can be described by the median values and the dispersions for the selected limit states of
various bridge components. A summary of the capacity limit states for each damage state
of key coupled bridge-soil-foundation (CBSF) components is shown in Table 6.3, and the
following sections provide descriptions of the limit states adopted.
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Different measures, such as drift ratio, displacement ductility, and curvature
ductility, have been used by previous studies to define the limit state of the reinforced
concrete columns. In addition, pile cap displacements are often used to quantify pile
damage because they can be easily computed (Ledezma 2007), and are also easier than
other metrics to observe in the field to assess pile foundation integrity and performance
(Aygün et al. 2011). However, scour increases the flexibility of the foundation, which
means that scour can increase the yield and total displacements of the bridge due to the
increase of the rotational and the transitional displacement of the pile cap. Therefore, the
column drift ratio and the displacement ductility may not be good candidates alone to
quantify the column damage in bridges when scour occurs since they may overestimate
the damage of the column due to the rotation of the foundation which contributes
significantly to the column top displacement (Wang et al. 2013a). Moreover, a recent
study (Wang et al. 2013b) showed that pile curvature is superior to pile cap displacement
to quantify the damage of the piles because the pile cap displacement does not reflect the
localized damage to piles. For the unseating of the superstructures, only the MSSS
concrete girder bridges consider this failure mode because unseating of the
superstructures is more likely to occur for this type of bridges due to their span support
conditions. Also, sufficient abutment seat widths are assumed for the newly designed
box-girder and MSC bridges. A deformation or sliding of 186.6 mm is believed to exceed
the typical seat width for the older bridges given for the bearings and therefore would
result in the unseating of the bridge deck (Nielson 2005).
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Table 6.3 Limit states for selected components of the CBSF system
Complete Damage

Bridge component

Monitored Component Response

Column failure

Curvature (1/m)

*

0.5

Pile failure

Curvature (1/m)

*

0.5

Median (Sc) Dispersion (βc)

Unseating failure Longitudinal Displacement (mm)
186.6
0.5
*Different column and piles with different dimensions have different median capacity

As peak curvature is used to quantify the damage of the columns and the piles, it
directly relates to the peak strains at a critical section and hence to the extent of damage
(Wang et al. 2014d). The ultimate curvature limit state of the columns is estimated by the
strain limit of the concrete and the longitudinal reinforcement in the plastic hinge region.
The maximum fiber compression strain limit of the concrete is estimated based on the
transverse reinforcement ratio (Kowalsky et al. 1995). Longitudinal reinforcement strain
limits are related to provisions of adequate protection against bar buckling or low cycle
fatigue (Kowalsky et al. 1995). In this study, the ultimate strain of the longitudinal
reinforcement is assumed to be 0.06 based on a literature review (Kowalsky 2002; Sakai
et al. 2004; Sheikh and Legeron 2010). The peak curvature capacity is then estimated as a
function of column dimensions and the reinforcement detailing of different bridges. The
total uncertainty combining uncertainties from different sources, such as record-to-record
uncertainties, modeling uncertainties including material uncertainties, and the capacity
uncertainties, is considered to be 0.90 for the fragility analysis based on the conclusions
of the previous study (Wang et al. 2013b).
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6.3.2. Fragility Curves for the Chosen Bridges

The fragility curve of the column and the pile foundation under a certain scour
depth can be obtained using Equation (3.24). For the box-girder bridge, since the column
and the shaft foundation have the same cross section, results show that the curvature at
the column-deck connection is much larger than at the shaft below grade. Therefore, the
peak curvature at the column-deck connection is chosen to develop the fragility curves of
box-girder bridges. For the MSSS and MSC concrete bridge, the peak curvatures at the
column (maximum curvature of the top and the bottom) and the pile are selected to
construct the fragility curve.
Figure 6-6 compares the fragility curves for the columns of the box-girder bridge
with and without the effect of scour. These fragility curves use Sa-05 as the optimal IM for
the short-span bridge and Sa-10 for the medium span bridge based on the efficiency or
dispersion of the IMs. It can be seen that the probability of failure for the ultimate limit
state increases with the increase of H for the short-span bridge. This means that reducing
the lateral support of the shaft foundation increases the seismic demand of the short-span
box-girder bridge. For instance, the median Sa-05 of the columns decreases by 27.7%
when the H equals to 5m compared to the bridge without scour (i.e. H=0m). However, for
the medium-span bridge, the failure probability first increases with the increase of H, but
then it begins to decrease slightly with H once the scour depth has reached a large value
(around 5m for the medium-span bridge). The possible reason is that scour has two
effects: (1) degrading the capacity of the foundation; (2) increasing the period of the
bridge. A large H will cause a much longer period of the bridge, similar to the effect of
base isolation, which compromises the degradation of the capacity of the foundation due
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to the scour. For the short-span bridge, the mean spectral acceleration for the selected 80
ground motions decreases 2.3% in the transverse direction and 2.5% in the longitudinal
direction when scour depth increases from 0m to 5m. However, for the medium-span
bridge, the spectral acceleration decreases 12.1% in the transverse direction and 10.5% in
the longitudinal direction when scour depth increases from 0m to 5m. For the short-span
bridge, since the decrease of the spectral acceleration is negligible, the degrading effect
dominates the final result and scour has more influence on the seismic response of the
short-span bridge. However, for the medium-span bridge, the decrease of the spectral
acceleration is significant, which will contradict some of the degrading effect. Even
though the degrading effect is larger than the isolation effect, scour has smaller influence
on the seismic response of the medium-span bridge due to the counteracting
phenomenon. However, the probability that the H will be equal to 5m is very small
according to the scour hazard curve. Therefore, it is important to consider the effect of
scour on the seismic risk analysis of bridge structures since in most cases scour increases
the failure probability of the RC bridges. In addition, the seismic fragility of the medium
span bridges is relatively insensitive to the scour depth compared to the short-span
bridges as shown in Figure 6-6, because the isolation effect contradicts some of the
degrading effect as stated above. Also, the probability of failure for the medium-span
bridges is higher than that of the short-span bridges.
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Figure 6–6 Fragility curves for the column of the two-span box-girder bridge: (a)
short-span bridge; (b) medium-span bridge bridge

Figure 6-7 shows the fragility curves for the columns and piles of the short-span
MSSS concrete bridge with and without the effect of scour. Similar conclusions can be
obtained for the medium-span MSSS concrete bridges. Contrary to the box-girder
bridges, the scour actually provides a beneficial effect on the seismic response of the
column by decreasing the curvature demands, which is similar to the effect of isolation
because scour increases the flexibility of the pile foundation which in turn increases the
period of the bridge. However, the curvature demands of the pile foundation increase
significantly when scour occurs compared to the non-scour cases. This phenomenon can
be explained by the deformation pattern of the pile foundations for a typical large ground
motion as shown in Figure 6-8, which highlights how soil-pile interactions impact the
seismic response of the column and the pile when scour occurs. In order to show the
deformation clearly, the displacements of the columns and the piles are scaled by a factor
of 10 in the figure. It can be seen that when scour does not occur, the deformation of the
pile foundation is very small and the column top displacement is mainly due to the
flexural deformation of the column itself. However, when scour occurs, the pile
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foundation displays a large displacement due to the removal of the soil and imposes large
localized curvature demands on the piles at the pile section that interfaces the water with
the bottom soil layers. In addition, in this case the column top undergoes significantly
large lateral displacement due to the increase of the rotational and transitional
displacements of the pile cap although the actual demand in the column is low. This
observation explains why the curvature of the pile section increases and why
displacement ductility may be not a good candidate to quantify the damage of the column.
Note that this phenomenon is similar to the seismic response of the pile foundation for
the liquefaction case as described in Wang et al. (2012). When liquefaction occurs, the
soft clay layers topping on the saturated sand display a large displacement due to the
rapid buildup of pore water pressure which creates a flexible liquefied soil layer, and
imposes large localized curvature demands on the piles at the pile section that interfaces
the sands with the bottom stiff clay layers (Wang et al. 2012). The study shows that for
the MSSS concrete bridges, scour actually has a beneficial effect on the seismic response
of the column and the potential damage transfers from the column to the pile when scour

0.35
0.3
0.25
0.2
0.15

Probability of excedence

Probability of excedence

occurs.
H=0m
H=1m
H=2m
H=3m
H=4m
H=5m

0.1
0.05
0
0

1

2

3

S

(g)

a-05

(a)

4

5

0.35
0.3
0.25
0.2
0.15

H=0m
H=1m
H=2m
H=3m
H=4m
H=5m

0.1
0.05
0
0

1

2

3

S

(g)

a-05

4

5

(b)

Figure 6–7 Fragility curves of the short-span MSSS bridge: (a) column; (b) pile
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Figure 6–8 Lateral displacement profiles of the pile at the time of maximum pile cap
displacement of the short-span MSSS bridge for the: (a) no scour case; (b) scour
depth equal to 3m
Figure 6-9 shows the fragility curves for the columns and piles of the short-span
MSC concrete bridge with and without the effect of scour. Similar to the MSSS concrete
bridge, scour decreases the failure probability of the columns while increasing the failure
probability of the piles. A similar phenomenon as in Figure 6-8 is observed in the
deformation patterns of pile foundation of the MSC concrete bridges although not shown
here. This observation illustrates that only focusing on the seismic response of the
columns can underestimate the failure probability of the system, although this column
component has been widely used as a proxy for evaluating the system-level response
under the combined effect of earthquake and scour hazards in previous studies. In
addition, Figure 6-7 and Figure 6-9 show that the failure modes of the MSSS and MSC
concrete bridges transfer from the ductile failure of the column to the flexural failure of
the pile when scour occurs, which contradicts the capacity protected design philosophy
(AASHTO 2011). Therefore, some mitigation measures must be taken to protect the piles
from damage.
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Figure 6–9 Fragility curves of the short-span MSC bridge: (a) column; (b) pile

Figure 6-10 shows the fragility curves for the unseating failure mode of the bridge
deck for the short-span MSSS concrete bridge with and without the effect of scour.
Similar conclusions can be obtained for the medium-span MSSS concrete bridges. Figure
10 illustrates that the failure probability increases significantly with the increase of scour
depth which means that scour increases the maximum displacement of the bridge deck.
The reason is that scour causes the MSSS bridge to become more flexible as observed in
Figures 6-4 (c) and (d). However, it should also be noted that the increasing rate of failure
probability decreases with the scour depth. A great impact on the fragility is observed
from the no scour case to the scour depth equal to 1m. Beyond the scour depth equal to
4m, the increase of the fragility of the unseating of the bridge deck is relatively small.
The reason is similar to the influence of scour depth on the fragility of the column of the
box-girder bridges. The isolation effect counteracts the degradation of the capacity of the
foundation due to the scour. Therefore, even a relatively small flood can significantly
increase the possibility of unseating of the bridge deck, particularly during large
earthquakes. These results demonstrate that it is important to consider the effect of scour
on the seismic risk analysis of bridge structures.
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Figure 6–10 Fragility curves of the short-span MSSS bridge for the unseating of the
deck

In sum, scour has a great impact on the seismic fragility of RC bridges but the
effect of scour on the components of different types of bridges is different. For instance,
scour increases the failure probability of the column of the box-girder bridges while it
decreases the failure probability of the columns of the MSSS and MSC bridges. Scour
also increases the possibility of unseating of the bridge deck. Moreover, the failure modes
of the MSSS and MSC concrete bridges transfer from the ductile failure of the column to
the flexural failure of the pile when scour occurs. Therefore, mitigation measures must be
explored to protect the piles from damage.

6.4. Multi-hazard Probabilistic Seismic Demand Model and Fragility
Surface
6.4.1. Multi-hazard Probabilistic Seismic Demand Model

Methods for predicting the response of the bridges under seismic hazard alone
have been well established through the development of probabilistic seismic demand
models (PSDM). However, such predictive models under the combined effects of seismic
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and scour hazards have not been explored yet. In the above analysis, the authors assume
a small scour depth first, then do the seismic analysis with the given scour depth and use
Equation (3.22) to calculate the seismic demand. Then they increase the scour depth and
do the seismic analysis again. However, this simulation process can become very
intensive computationally considering that not only a series of small to large earthquake
ground motions are needed for seismic risk analysis but the scour depth is a random
variable too. Therefore, a predictive model known as a multi-hazard probabilistic seismic
demand model (MH-PSDM) is needed to reduce the computational effort by estimating
seismic demands based on the intensity of the earthquakes and the scour depth.
To consider the combined effects of earthquake and scour hazards, the traditional
PSDMs are extended to include additional parameters not only from the ground motions
but also from scour depth. Results from the MH-PSDM, discussed later in the Chapter,
show that Sa-05 is better than other period-independent IMs for a small-span bridge, while
Sa-10 is better for a medium-span bridge, as the case study bridges considered in this
study. Also, a criterion based on efficiency or dispersion and an adequate goodness-offitness play a role in such results. The reason is that the fundamental periods of the
chosen case study bridges are close to 0.5 seconds and 1.0 seconds, respectively, under a
variety of scour depths. Therefore, Sa-05 and Sa-10 can be used for the MH-PSDMs to
reduce the uncertainty of the predictive model despite complex scour effects on the
dynamic response of bridges.
In order to have a sufficient number of ground motions with high IM levels, the
entire suite of 80 motions are scaled by a factor of two so that an expanded suite of 160
ground motions is used. In total, 160 bridge models are generated with uniform
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distribution of scour depths between 0m and 6m to match the number of earthquake
ground motions, and then a nonlinear dynamic analysis is conducted for each bridge
configuration. After the nonlinear time history analyses, the maximum demands of key
components of the bridges are recorded, such as the peak curvature of the column and the
foundation, and regression analyses are carried out to establish the relationship between
the maximum demands, the chosen IM and the scour depth. Developing a MH-PSDM is a
challenging task because the appropriate form of the demand model needs to be defined,
while the accuracy of the MH-PSDM highly depends on the appropriate form of
regression equation. Several functional forms, including polynomial, power-law, and
exponential models, are fitted to the data to find the most appropriate model functional
form. The main criterion to select the optimal functional form is the magnitude of the
error as captured by the root-mean-square error (RMSE) and the coefficient of
determination (R2). After comparing multiple functional forms, it was found that
Equation (6.1) fit the data the best:
S D = aIM b (1 + cH + dH 2 )

(6.1)

where SD is the seismic demand of the bridge component; IM is the intensity measure of
the earthquake; H is the scour depth; and a, b, c, and d are regression coefficients. Note
that Equation (6.1) has similarity with the traditional PSDM by adding a modification
term (1+ cH+dH2) to consider the influence of scour on the seismic response. Similar to
Equation (3.22), the dispersion about the predictive equation is also estimated.
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6.4.2. Fragility Surface

In this study, the concept of fragility curve is extended to fragility surface to
consider the combined effect of earthquake and scour hazards. The fragility surface of the
bridge under the combined effect of earthquake and scour hazards is a conditional
probability describing the likelihood that a bridge will meet or exceed a predefined
damage state for a given IM and H set of values. Based on the MH-PSDM defined in
Equation (6.1) which builds a relationship between the seismic demand and the IM and H
levels, the fragility surface of the bridge components can be obtained by Equation (6.2).
The fragility surface defined here will be used to calculate the mean annual failure
probability (MAFP) of the bridges under the combined earthquake and scour hazards in
the following section.
⎛ ⎛ SD H ⎞ ⎞
⎜ ln ⎜
⎟ ⎟
SC ⎠ ⎟
⎝
⎜
P [ D ≥ C | IM , H ] = Φ
⎜ β2 +β2 ⎟
C
DH
⎜⎜
⎟⎟
⎝
⎠

(6.2)

where SDH is the seismic demand of the component under the combined effect of
earthquake and scour hazards; β D H is the logarithmic standard deviation of the demand
under the combined effect of earthquake and scour hazards. Therefore, the bridge
fragility curve for a given H can be obtained from the fragility surface by setting H=h,
where h refers to a given value of scour depth.
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6.5. Failure Probability under the Combined Earthquake and Scour
Hazards
Scour load factors are obtained in this study through a comparison of the mean
annual failure probability (MAFP) of the bridge under the combined effect of the
earthquake and scour hazards and the MAFP of the bridge under the seismic hazard alone
for a given value of scour depth. The idea behind this approach is that when scour is
taken into account in the seismic risk analysis, the seismic risk of the scoured bridge with
appropriate percentage of current design scour depth should be the same with the joint
risk of the bridge under the combined earthquake and scour hazards, considering the load
coincidence of these two hazards. The MAFP considering the seismic hazard alone has
been discussed in Chapter 5. The following section describes the calculation of MAFP
considering the two hazards together. Two approaches (multi-hazard convolution and
stochastic process method) are used and compared for the risk analysis of bridges under
the combined effect of earthquake and scour hazards.
6.5.1. Multi-hazard Convolution

The joint MAFP (JMAFP) of the bridge under the combined effect of the
earthquake and scour hazards can be obtained by convolving the fragility surface with the
two hazard curves (earthquake and scour), as discussed in Lee and Rosowsky (2006) for
woodframe buildings due to combined seismic and snow loads. Since the occurrence
probabilities of scour and earthquakes are statistically independent, the MAFP for the
bridges under the two hazards can be defined as:
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JMAFP = ∫

∞

∫

∞

im = 0 h = 0

(6.3)

F (im, h) f IM (im) f H ( h) dim d h

where F(im, h) is the fragility surface expressed as a joint distribution function in terms
of the IM and H as defined in Equation (6.2), and fH(h) is the hazard function in the form
of a probability density function for H. The hazard function for H can be estimated
through statistical analysis of collected flow discharge data from previous years, which
will be discussed in Section 6.6.
6.5.2. Stochastic Process Method

An alternative approach to obtain the JMAFP is the stochastic process method.
The characteristics of the extreme hazards can be captured using the Poisson pulse
process defined by the mean occurrence rate, mean duration, and a random variable for
intensity variation (Wen and Kang 2001). Several studies have used the stochastic
process method to perform the multi-hazard risk analysis as mentioned above. With this
assumption, the earthquake and scour hazards can be modeled as a sequence of randomly
occurring pulses with random intensity as illustrated in Figure 6-11. It is assumed that the
event duration is constant. Before using the stochastic method, the hazard parameters
must be identified first. Table 6.5 shows the parameters that define the Poisson pulse
process. The detailed information about intensity of the hazards will be discussed in the
next section.
Table 6.5 Parameters that define the earthquake and scour hazards
Hazard

Occurrence rate /year

Intensity distribution

Duration

Earthquake

0.36

Extreme Value Type II

30 (second)

Scour

1

Lognormal

3 (month)
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Figure 6–11 Realization of an intermittent Poison pulse process for different
hazards

Using the MHPSDM as a surrogate for time history analyses, the Monte Carlo
simulation is used to obtain a suite of sample realizations for the earthquake and scour
hazards that are consistent with the parameters shown in Table 6.5. For each set of
realizations, the seismic demand of the bridges is computed from the MHPSDM. The
model random variables are sampled 300,000 times for 100 years. Then the seismic
demand is compared with the seismic capacity and the risk of the bridges under the
combined effects of earthquake and scour hazards are obtained.

6.6. Probabilistic Description of Seismic and Scour Hazards
As mentioned in Section 6.5, the JMAFP can be obtained by convolving the
combined fragility surface of the bridge with the earthquake and scour hazards at a given
site. Therefore, the hazard function of the earthquake and scour hazards must be defined
first. This section will discussed how to derive the seismic hazard curve and the scour
hazard curve.
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6.6.1. Seismic Hazard

The seismic hazard curve typically expresses the annual exceedance probability of
a ground motion IM, such as peak ground acceleration (PGA) or the spectral acceleration
at a certain period, based on probabilistic seismic hazard analysis. The seismic hazard
curve can be described approximately by an Extreme Value Type II (ET-II) distribution
(Ellingwood and Rosowsky 1996). The seismic hazard expressed in the form of a
complementary cumulative distribution function (CCDF) of ET-II is given by (Lee and
Rosowsky 2006)

⎡ ⎛ μ ⎞k ⎤
FIM (im) = 1 − exp ⎢− ⎜ ⎟ ⎥
⎢⎣ ⎝ im ⎠ ⎥⎦

(6.4)

where µ and k are the ET-II scale and shape parameters, respectively, and both of them
are site specific. Parameters k and µ for spectral acceleration can be determined using two
points on the seismic hazard curves provided by the USGS (2012). Table 6.6 presents the
ET-II parameters for the site considered in this study. The study investigates newly
designed box-girder bridges in California as discussed in Section 6.1.
Table 6.6 Seismic hazard parameters
Intensity measure (IM)

µ

k

Sa-05

0.0124

1.7436

Sa-10

0.0133

2.1564

6.6.2. Scour Hazard

The The AASHTO LRFD Bridge Design Specifications (2012) require that the
scour at the bridge foundations be designed for 100-year return period flood events. The
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corresponding 100-year design scour depth can be calculated by the equation [Equation
(5.5) as presented in the Federal Highway Administration (FHWA) Hydraulic
Engineering Circular No.18 (HEC 2001). This study assumes that the bed streams are
medium sands because the sand is more erodible than a clayey soil type.
⎛D⎞
ys = 2.0 y0 K1 K 2 K 3 K 4 ⎜ ⎟
⎝ y0 ⎠

0.65

Fr 0.43

(6.5)

In this equation ys is the estimated scour depth, y0 is the depth of flow just
upstream of the bridge pier excluding local scour; K1, K2, K3, and K4 are the correction
factors to account for the nose shape of the pier, the angle of attack of the flow, the
stream bed conditions, and the bed material size, respectively; D is the bridge pier width
perpendicular to the flow direction; and Fr is the Froude number. Values of K1, K2, K3,
and K4 can be obtained from HEC-18 (HEC 2001). All of the bridges considered in this
study have circular pier sections, and therefore K1 is equal to 1.0. Assuming that the
bridge is perpendicular to the riverbed and the angle of attack of flow is zero, then K2 is
equal to 1.0. The value for the bed condition coefficient, K3, is 1.1 for plane bed
condition which is typical for most bridge sites, and K4 is a function of the size of the bed
material. The Froude number is defined as:

Fr =

V
( gy0 )0.5

(6.6)

where V is the mean velocity of the upstream flow, and g is the acceleration due to
gravity.
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The upstream flow depth, y0, and mean flow velocity, V, can be calculated based
on Manning’s equation, given the flow discharge rate, Q, and the cross section of the
river. The mean flow velocity can be calculated as the total flow discharge rate divided
by the cross-sectional area of river as given by Equation (6.7). The hydraulic relationship
between the flow discharge rate and flow depth is given in Equation (6.8) for a
rectangular cross-section river (Ghosn et al. 2003).

V=

Q
by0

(6.7)

by ⎛ by0 ⎞
Q= 0⎜
⎟
n ⎝ b + 2 y0 ⎠

0.67

S 0.5

(6.8)

where b is the river width, n, the Manning roughness coefficient to account for the
resistance to flood flow, and S, the slope of the bed stream.
Although Equation (6.5) has been used extensively by bridge engineers to
estimate the scour depth for practical bridge design, it only provides a deterministic scour
depth and neglects the uncertainties associated with the parameters defined in the
equation that should be considered in the calculation of scour depth. In addition, Johnson
(1995, 1996) found that the HEC-18 equation [Equation (6.5)] overestimates the scour
depths by comparing observed data from bridges in the field with the predicted values.
Johnson (1997) put forward a probabilistic scour depth model with a model correction
factor to correct for bias and to account for uncertainty:
⎛D⎞
ys = 2.0λsc y0 K1 K 2 K 3 K 4 ⎜ ⎟
⎝ y0 ⎠

0.65

Fr 0.43

(6.9)
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where λsc is the scour modeling correction factor. The magnitude of the scour modeling
factors depends on the bridge site conditions, and different studies have used different
types of distributions with different parameters to simulate λsc (Johnson and Dock 1998;
Ghosn et al. 2003; Alipour et al. 2012). This study assumes that the bed materials are
medium sand which is consistent with the laboratory data used to derive the HEC-18
equation. Therefore, a relatively large scour modeling factor (triangular distribution with
mean value equal to 0.93) is used which is the same as that adopted in a previous study
(Wang et al. 2013).
To obtain a better probabilistic estimate of scour depth, it is necessary to consider
uncertainties from both the modeling factor λsc and the parameters used to define the
model. The specific probability distributions of the parameters are adopted based on the
literature and listed in Table 6.7. Currently, no probability distribution information is
available for K1 and K4. Therefore, K1 and K4 are assumed to be deterministic variables.
K2 is assumed to follow a normal distribution with mean and coefficient of variance
(COV) equal to 1.0 and 0.05 (Banerjee and Ganesh Prasad 2012). Similarly, K3 is also
assumed to follow a normal distribution with mean value equal to 1.10 and its COV equal
to 0.05 (Johnson 1995). The Manning roughness coefficient is also introduced here as a
lognormal distribution with the mean of 0.025 and COV of 0.275 (HEC 2001). This study
assumes S = 0.002 based on the most common value reported in the literature (Ghosn et
al. 2003). Based on the scour depth prediction model Equation (6.9), the random
variables listed in Table 6.7 and the flood hazard curve, a probabilistic scour depth model
(i.e. scour hazard curve) can be developed. The scour hazard curve provides the
probability of exceeding any specific level of scour depth at the bridge site. In order to
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obtain the scour hazard curve, the flood hazard curve must be obtained first. The flood
hazard curve provides the probability of exceedance of annual peak discharges in a
region which are used to calculate the flow depth y0 and flow velocity V based on
Equation (6.7) and Equation (6.8).
Table 6.7 Input variable for the probabilistic scour depth analysis
Variable

Mean

COV

Distribution
type

References

Q

----

----

Lognormal

USGS (2012)

λsc

0.93

0.6

Triangular

Johnson 1998

K2

1.0

0.05

Normal

Banerjee and Ganesh Prasad 2012

K3

1.10

0.05

Normal

Johnson 1995

0.025 0.275 Lognormal
n
HEC 2001
---- these values are derived based on the statistical analysis of the site specific data provided by
USGS

The annual peak discharge data of two rivers in California are collected from the
USGS website (USGS 2012) and shown in Figure 6-12. The first river is a river with
medium flow discharge rates while the second river has a low flow discharge rate.
Therefore, the influence of discharge rates on the scour load factors can be evaluated.
Different distribution types, such as normal, lognormal, and extreme value, are examined
to find the probability distribution function that best describes the flow discharge rate.
The Kolmogorov-Smirnov (K-S) goodness-of-fit tests showed that the peak annual
discharge rate, Q, can be fitted well by a lognormal probability distribution at the 5%
significance level. The means and standard deviations of the peak annual discharge rate
of the chosen two rivers are listed in Table 6.8.
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Figure 6–12 The peak annual flow discharge rates for the E FK CARSON River and
the PROSSER River in California for the past years
Table 6.8 Prameters of the distribution of the two chosen rivers
River

Mean of Log Q (m3/sec)

Standard deviation of Log Q (m3/sec)

E FK CARSON, CA

4.316

0.818

PROSSER, CA

2.723

0.846

After obtaining the distribution information of the discharge of the rivers, Monte
Carlo simulation can be used to generate random samples of the parameters that influence
the estimation of scour depth in Equation (6.9) to evaluate the hazard curve of the scour.
This study assumes that the width of the river is equal to the length of the bridge. A series
of 10,000 Monte Carlo simulations are performed using MATLAB (2011) to find the
occurrence probability of a range of scour depths. Based on the central limit theorem and
the K-S goodness-of-fit tests at the 5% significance level, the scour depth can also be
fitted well by a lognormal probability distribution, which is be expressed by the
functional form of Equation (6.10). The hazard curves of the scour depth for the two
rivers and two bridges are different due to the different bridge dimensions and discharges
of the rivers as shown in Figure 6-13. The hazard curve also can be expressed in the form
of a probability density function (PDF) as:
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⎡ 1 ⎛ ln(h) − λ ⎞2 ⎤
f H ( h) =
exp ⎢ − ⎜
⎟ ⎥
ξ
2πξ h
⎠ ⎥⎦
⎢⎣ 2 ⎝
1

(6.10)

where λ and ξ are the logarithmic mean and standard deviation of H.
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Figure 6–13 Scour hazard curves for the box-girder bridges: (a) short-span bridge;
(b) medium-span bridge

6.7. Application of the Multi-hazard Framework to a Case Study
Bridge
From Section 6.3, it can be seen that scour increases the failure probability of the
bridge columns for the box-girder bridges while scour decreases the failure probability of
the bridge columns for the MSC concrete girder bridges and the MSSS concrete girder
bridges. Based on current seismic design philosophy, bridge columns are usually used to
dissipate the energy during earthquakes which should fail before other capacity protected
components (e.g., piles). The two concrete box-girder bridges in California are used to
derive the scour load factors because they are consistent with multi-hazard combination
philosophy that the combination of them will increase the response of the structures. In
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the future, how to combine the earthquake and scour hazards for MSC and MSSS bridges
should be investigated since scour increases the failure probability of the piles and
decreases the failure probability of the columns.
6.7.1. Fragility Surface of the Chosen Bridge

Following the procedures discussed Subsection 6.4, the combined fragility surface
for the two-span concrete box-girder bridges at the ultimate limit states are shown in
Figure 6-14. The fragility surfaces suggest the same trends that the fragility curves show
but presented in three dimensional space. For the column of the two-span box girder
bridge, the scour has a detrimental effect on the seismic response compared to the bridge
without scour effect (i.e. H=0m). The fragility surfaces will be used in the following

1
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section to calculate the MAFP for the multi-hazard convolution.
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Figure 6–14 Fragility surface for the column of the two-span box-girder bridge: (a)
short-span bride; (b) medium-span bridge
6.7.2. Calculation of Scour Load Factors

The appropriate scour load factors can be obtained by comparing the MAFP using
the multi-hazard convolution procedure [Equation (6.3)] with those obtained by
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convolving seismic fragilities developed using deterministic values of scour depths with
seismic hazard curves. Figure 6-15 shows the JMAFP of the two bridges obtained
through the multi-hazard convolution procedure and the MAFP-h obtained through
seismic hazard convolution only for a series of deterministic Hs, all for the ultimate limit
state. The required scour depth (Hr) for design needed to be combined with the seismic
hazard can be obtained by the intersection of the two lines from the multi-hazard
convolution and the seismic hazard alone as shown in Figure 6-15. This figure also shows
that a higher discharge rate leads to higher MAFP for the box-girder bridges and the
medium-span box-girder bridge is more vulnerable to the seismic and scour hazards than
the short-span box-girder bridge.
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Figure 6–15 MAFP of the box-girder bridges under the multi-hazard convolution
and under a certain deterministic SD: (a) short-span bride; (b) medium-span bridge
Since rivers with different discharges and bridges with different dimensions are
used in this study, to estimate the scour load factors, the required scour depth (Hr) must
be normalized by the current code design scour depths (ys). The design scour depth is
calculated for the design flood of 100-year return period according to the procedure given
by HEC-18 (2011) as shown in Equation (6.5). The length of the foundation should
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exceed the design scour depth and ensure that the remaining soil after scour can provide
sufficient lateral and vertical support to the whole bridge structure. Table 6.9 presents a
summary of the normalized scour load factors (Hr / ys) determined for the two box-girder
bridges on different rivers and the average value of the scour load factors. The results
show that the scour load factors are not sensitive to discharge of the river or the length of
the box-girder bridge, which is ideal for codified load factors.
In order to test the sensitivity of the scour load factor to the geometries of boxgirder bridges, another four single-frame box-girder bridges are selected based on a
statistical analysis of the National Bridge Inventory database (NBI 2011) as well as the
literature review of former plan reviews and design details (Ramanathan 2012) for
recently designed single frame box-girder bridges built after the year 2000. The
calculated scour load factors are listed in Table 6.10. Results show that scour load factors
are relatively insensitive to the geometries of box-girder bridges. Based on these results,
it is recommended that a scour load factor equal to 0.59 associated with an earthquake
factor equal to 1.0 be used to account for the combination of earthquake and scour
hazards for single frame box-girder bridges. Also, the process to derive the scour load
factor does not consider the potential scour mitigation measures currently used (e.g.,
riprap or rock armor) for the design of new bridges. The scour load factor may change if
scour mitigation measures are considered. In addition, the findings of this study may not
be applicable to other types of bridges. Further analysis is needed to investigate the scour
load factor for other types of bridges before its application in the bridge design code.
Since scour is not a load effect, it cannot be directly added to the earthquake load
as is done with the combination of other loads (e.g., dead load and traffic load). The
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authors suggest that one potential strategy for the design of new bridges could be to
consider the seismic hazard alone first. Then the bridge should be checked to make sure
that the seismic response of the bridge is still acceptable under the combined scour depth
(i.e. design scour depth × scour load factor). However, in the future, a detailed procedure
needs to be developed to consider the seismic design of bridges with scour effect.
Table 6.9 Scour load factors for the combination of earthquake and scour hazards
Bridge

River

Short-span bridge
Medium-span bridge

Scour load factor
Convolution

Stochastic process

E FK CARSON, CA

0.593

0.577

PROSSER, CA

0.579

0.566

E FK CARSON, CA

0.585

0.543

PROSSER, CA

0.586

0.579

0.586

0.566

Average

Table 6.10 Scour load factors for box-girder bridges with different geometries
Span length
(m)

Column
diameter (m)

Deck width
(m)

12.4

1.2

12.9

25.2

1.8

15.5

20.9

1.7

14.2

31.4

2.2

20.9

River

Scour load factor

E FK CARSON, CA

0.601

PROSSER, CA

0.579

E FK CARSON, CA

0.594

PROSSER, CA

0.575

E FK CARSON, CA

0.583

PROSSER, CA

0.591

E FK CARSON, CA

0.592

PROSSER, CA

0.587
Average 0.588

6.8. Potential Mitigation Measures
Given that scour may significantly increase the failure probability of the column
of the box-girder bridges and the pile foundation of the MSSS and MSC concrete bridges,
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mitigation measures must be found to reduce the failure probability of existing bridges
and for the design of new bridges in flood-prone and seismically active regions. Several
studies have investigated different techniques for countering scour at bridge piers and
abutments, such as riprap or rock armor, grout filled bags, and alterations of the flow
alignment (Lagasse et al. 2001; Johnson and Niezgoda 2004). However, most of them
focused on existing bridges and the purposes of the scour countermeasures are to armor
the bed material against erosive forces or to control the hydraulic conditions. Such
studies do not provide insight on scour countermeasure impact on improving seismic
performance. This section will discuss the mitigation of scour effects on the seismic
response of the RC bridges from the perspective of initial design of the bridge structure.
Under the current seismic design philosophy, bridges are usually designed to use
the plastic deformation of the columns to dissipate energy during an earthquake, and
therefore, bridge columns must be designed and detailed carefully to have ductile
behavior. The design of foundations should be based on the forces determined by
capacity design principles with certain overstrength factors taken as 1.2 or 1.4 based on
the use of different reinforcement details (Aygün et al. 2011). As scour depth increases,
the failure mode of the MSSS and MSC concrete bridges transfers from the bridge
column to the pile foundations, which is contrary to the capacity design philosophy. For
the unseating of the superstructures, sufficient seat widths should be used for the newly
designed bridges. Therefore, this section tries to reduce the seismic demand on the
column and the foundation through a structural design approach which should be
considered in addition to the commonly used hydraulic approaches that aim to mitigate
the occurrence of scour. Three potential mitigation measures to counteract the observed
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degradation of the foundation are tested in this study to find their effectiveness: (1)
increase the foundation depth; (2) increase the stiffness of the foundation; and (3) use
different foundation types.
6.8.1. Effect of Foundation Depth on the Seismic Response

In order to investigate the impact of foundation depth on the seismic response of
the RC bridges, the same nonlinear time history analyses in the previous section are
repeated by increasing the length of the shaft foundation and the pile foundation. Figure
6-16 shows the fragility curves of the column of the short-span box-girder bridge with
different foundation lengths when the scour depth is equal to 3m. The original pile length
is 15m. Results show that as long as the washout of the foundation and the loss of lateral
and vertical capacity do not occur, the influence of foundation length on the seismic
response of the column and the pile is negligibly small if peak curvature is used to
quantify the damage. However, the foundation still needs to be long enough to provide
adequate lateral and vertical support after the scour. Although not shown here, the impact
of foundation length on the fragility of the MSSS and MSC girder bridge is also very
small. Therefore, increasing the foundation depth is not an effective way to reduce the
failure probability of the scoured RC bridges when exposed to earthquake loads.
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Figure 6–16 Influence of different foundation depths on the fragility of the RC
bridges for H=3m
6.8.2. Effect of Foundation Stiffness on the Seismic Response

To illustrate the effect of foundation stiffness on the seismic response of the RC
bridges, the diameters of the pile are increased from 0.3m to 0.4m and 0.5m so that the
overstrength factor is larger than the current code requirement (AASHTO 2012). Figure
6-17 shows the fragility curves of the columns and the piles with different foundation
stiffness values when the scour depth is equal to 3m. Results show that the foundation
stiffness does have a great influence on the fragility of the column and the piles. With the
increase of pile diameter, the failure probability of the pile foundation decreases
significantly. The reason can also be explained by the deformation pattern of the pile
foundations for a typical large ground motion as shown in Figure 6-18. It can be seen that
when the pile stiffness increases, the deformation of the pile foundation becomes much
smaller; especially the localized curvature demands in the pile section that interfaces the
water with the bottom sand layers decreases significantly. However, the failure
probability of the column increases with increase of the stiffness of the pile foundation.
Therefore, a compromise should be achieved in the design of column. However, the
increase of the failure probability of the column and the decrease of the failure
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probability of the pile is acceptable because it is consistent with the capacity design
approach that the column should fail before the pile foundation. Therefore, stronger pile
foundations can mitigate the effect of scour on the seismic response of the RC bridges,
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Figure 6–17 Influence of foundation stiffness on the fragility of the medium-span
MSSS bridge: (a) column; (b) pile
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Figure 6–18 Lateral displacement profiles of the pile at the time of maximum pile
cap displacement for the: (a) original foundation stiffness; (b) larger foundation
stiffness (pile diameter=0.5m)
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6.8.3. Effect of Foundation Type on the Seismic Response

Another issue of interest is to assess the influence of foundation type on the
seismic response of the RC bridges in a flood-prone region. In order to isolate the impact
of foundation type, three foundation types are considered: (1) pile foundation; (2) shaft
foundation; and (3) enlarged shaft foundation. Because the influence of scour on the
MSSS concrete bridge and the MSC concrete bridge is similar, only medium-span MSC
concrete bridges are used to test the impact of foundation type. Figure 6-19 shows the
fragility curves of the column and the foundation of the RC bridges with different types
of foundations when the scour depth is equal to 3m. As can be seen from Figure 6-19, the
foundation type has indeed great influence on the seismic response of the MSC concrete
bridges under the combined earthquake and scour hazards. For the column and the
foundation of the MSC concrete bridges, the enlarged shaft foundation performs best
while the pile-supported bridge has the worst performance and the performance of the
shaft foundation is in between. One of the possible reasons of this phenomenon can be
explained by the deformation mechanics of these three types of foundations. For the shaft
foundation, the failure of the column occurs at the column top first while the failure of
the column is located at the bottom for the pile foundation. However, for the enlarged
shaft foundation, both column top and column bottom have similar curvature but the
curvature in the column top is a little larger than that of the column bottom, which means
that enlarged shaft foundation distribute the deformation along the column instead of
concreting the deformation at the top or bottom of the column. Although not shown here,
the enlarged shaft foundation also performs best for the box-girder bridges and the
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enlarged shaft foundation is also the most common foundation type for box-girder
bridges in California.
Cost is another issue that should be considered when choosing the foundation
types. Regarding the initial construction cost of different types of foundations, in general
the shaft foundation is the cheapest type while the enlarged shaft foundation and pile
foundation have similar construction costs for the bridges considered in this study based
on the Bridge Development Report Cost Estimating worksheet (Florida DOT 2013).
However, in high seismic region, if life-cycle cost is considered, the enlarged shaft
foundation will be the most suitable type because the failure probability of the bridges
with the enlarged shaft foundation is much smaller than that of bridges with the other
types of foundations. Based on the results of this study, it is recommended to use an
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Figure 6–19 Influence of foundation type on the fragility of the medium-span MSC
concrete girder bridge: (a) column; (b) foundation
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6.9. Summary
Scour plays an important role in the seismic response of bridges since it weakens
the foundation of the structure. This study provides a framework and set of examples for
the derivation of risk-based scour load factors that can be used to combine the
consideration of scour with earthquake loads which current bridge design codes do not
address. Also, a comprehensive study is conducted to evaluate the dynamic behavior and
the seismic performance of RC bridges after degradation due to various scour depths.
Results show that generally the periods corresponding to the first few vibration
modes of all the RC bridges considered increase with the scour depth. However, the
sensitivity of the periods to the scour depth is different for different types of bridges. The
MSSS concrete bridge is more sensitive to the change of scour depth than box-girder
bridges and MSC concrete bridges. Results from the fragility analysis also show that
scour has a significant influence on the fragility of key components and failure modes.
Whether scour has positive or negative impact on the fragility of the columns depends on
the bridge type. The failure probability of the column of box-girder bridges increases
with the increase of scour depth. However, for the MSSS and MSC concrete girder
bridges, scour actually has a beneficial effect on the seismic response of the column
because scour leads to a much longer period of vibration of the bridge, similar to the
effect of base isolation, which counters the effect of the degradation of the capacity of the
foundation due to the scour. However, pile foundations are intended to be capacity
protected in the seismic design of RC bridges (i.e. the failure of the bridges is dominated
by the flexural failure of the column); hence, when scour occurs, the pile has the potential
to fail before the column because the damage has transferred from the column to the pile
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foundation as confirmed by deformation patterns of the pile foundations. Regarding the
bridge deck, scour increases the failure probability of the unseating for the MSSS
concrete girder bridges. This observation illustrates that only focusing on the seismic
response of the columns can underestimate the failure probability of the bridge system,
although this component alone has been widely used as a proxy for evaluating the
system-level response under the combined effect of earthquake and scour hazards in
previous studies. Therefore, the effect of scour should be considered on the seismic risk
analysis of multiple components of RC bridges.
To evaluate the mean annual failure probability (MAFP) of a bridge under the
multi-hazard condition, a new multi-hazard probabilistic seismic demand model (MHPSDM) is proposed in this thesis taking into account major uncertainties inherent in both
events, such as the earthquake record-to-record uncertainties and the uncertainties of the
parameters that are used to calculate the scour depth. A combined fragility surface of the
scoured bridge has been developed based on the MH-PSDM. Then, the joint MAFP
(JMAFP) of the bridges can be obtained by the convolution of the fragility surface with
the two hazard curves. With the MH-PSDM methodology at hand and the local hazard
information, two typical concrete box-girder bridges of different span sizes were used as
examples to derive the scour load factors. The sensitivity of the scour load factors for
different bridge geometries is explored by testing eight additional case studies. Results of
this study show that the scour load factors are not sensitive to the discharge of the river
and the length of the box-girder bridge, which is ideal for codified load factors. This
study recommends the use of a scour load factor equal to 0.59 associated with an
earthquake factor equal to 1.0 to properly account for the combination of earthquake and
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scour hazards for single frame the box-girder bridges. However, the findings of this thesis
may not be applicable to other types of bridges. The scour load factors developed in this
study are consistent with the practical load and resistance factor design methodology used
in current codes for the combination of non-extreme hazards.
This study also found that increasing the foundation stiffness (i.e. increasing the
overstrength factor in the seismic design) is effective for reducing the damage of the
scoured bridge, while increasing the foundation depth only has minor effects. In addition,
the foundation type also has great impact on the seismic performance of scoured bridges.
It is found that the enlarged shaft foundation is the best type of foundation and should be
used for RC bridges in seismically active and flood-prone areas. The findings of this
study can be used to guide the design of new bridges or the retrofit of existing bridges in
a flood-prone region with earthquake potential. This study also provides insights for the
multi-hazard combination of earthquake and scour hazards for different types of bridges,
as the effect of scour on the seismic risk of different components on the RC bridges is
different.
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Chapter 7

Modeling Complexity of the Highway Bridges

In addition to the structural deterioration and aging, there are other features in the
risk analysis that are often neglected, such as vertical ground motions, soil-structure
interaction (SSI) and liquefaction. This chapter focuses on two commonly overlooked yet
prevalent threats on highway bridge performance that are not well addressed in current
practice. One such threat stems from the vertical ground motions in the near fault region
which is usually ignored in the seismic analyses of highway bridges. As mentioned in
Section 2.1, vertical ground motions may have a great impact on the seismic response of
bridges in the near fault region. The objective of this study is to assess the seismic
response and the fragility of the key elements of a typical highway coupled bridge-soilfoundation system under the combined effect of vertical and horizontal ground motions,
particularly for the components that previous studies have not investigated, such as pile
foundations and bearings. The other threat is the effect of soil-structure interaction and
liquefaction effect. This chapter also covers the work on the influence of SSI with
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liquefaction on the seismic response of the CBSF system by comparing the results of the
bridge seismic response of the SSI versus fixed base cases.

7.1. Case Study Bridge
A case study bridge model with soil and foundations is used to explore the effects
of VGMs on the seismic response of the bridge and its key components. The adopted
case study is a multi-span continuous steel (MSCS) girder bridge typical of pre-1990
nonseismic design in the central and eastern United States (CEUS) and South Carolina
(SC). This bridge type accounts for a representative 13.2% of the CEUS bridges (Nielson
2005) and 8.27% of the SC bridge inventory (Nilsson 2008). The purpose of this study is
not to simulate the seismic response of a bridge at a specific site with thoroughly known
soil parameters, but to efficiently capture CBSF system effects using reasonable soil
layers. The soil layers chosen in this study correspond to a general heterogeneous soil
profile representative of the South Carolina region identified by Aygun et al. (2011).
The elevation view of the chosen bridge with liquefiable soil profiles and cross
section of several key components for this study is shown in Figure 7-1. A three span
MSCS bridge is chosen for this study as the most likely number of spans for this type of
bridge in CEUS (Nielson 2005). The steel girders are continuous over the interior bents
and the bridge spans have all the same length of 30.3 m. The abutments are seat type with
cast-in-place concrete piles. Regarding the piles, 12.2 m long concrete piles with 0.46
m×0.46 m square section at the abutments and bents constitute one of the most common
substructure geometries and dimensions (Aygun et al. 2011), which are adopted in this
study. As shown in Figure 7-1, a soil profile representative of the SC region is chosen for
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this study. This soil profile is chosen as the basic soil type because it displays enough soil
heterogeneity and potential for liquefaction while maintaining a relatively simple profile
because of its symmetric properties with respect to the center of the bridge.

Figure 7–1 Layout of representative MSCS bridge for CEUS and South Carolina

7.2. Efficient Finite Element Modeling Approach to Simulate the SSI
and Liquefaction Effect
The Open System for Earthquake Engineering Simulation (OpenSees) is used to
perform the nonlinear dynamic analyses for the CBSF system. To perform these analyses
the model must be computationally accurate and efficient. Therefore, it is essential to
develop a model that is simple and economical and yet it is satisfactory in representing
the SSI with liquefaction effects. To balance the computational efficiency and accuracy,
the basic modeling approach is adopted from Aygun et al. (2011), but with key additions
to capture the effects of VGMs on the bearings, piles foundations and soil-pile interaction
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modeling. The model consists of a detailed CBSF system with a three-dimensional (3D)
bridge superstructure, two-dimensional (2D) soil domain and one-dimensional (1D) p-y,
t-z, and q-z springs constructed in OpenSees. This 3D/2D/1D modeling strategy has been
verified by the authors through the more complex and computationally intensive 2D soil
modeling approach for different kinds of soil profiles (Figure 7-2). Results show that this
3D/2D/1D modeling strategy can be used to simulate the SSI with non-liquefiable soils,
and liquefiable soils without lateral spreading and slope instability, where the latter
condition is typically achieved in the field by compacted and improved soils, making the
3D/2D/1D useful for most practical cases, while improving upon previous surface spring
modeling approaches. This approach can capture SSI with liquefaction effects while
maintaining an acceptable computing time compared to the sophisticated three
dimensional soil foundation model (Elgamal et al. 2008). It offers an improvement
compared with using lumped springs to replace the SSI effect or just using fixed
boundary conditions at the column base (as typically done for probabilistic seismic risk
analysis of bridges (Mackie and Stojadinovic 2006; Nielson and DesRoches 2006; Pan et
al. 2010). This modeling approach also provides the opportunity for future probabilistic
reliability and risk assessment studies of entire inventories of bridges and associated
bridge networks. Emphasis is placed on the longitudinal CBSF system behavior in this
study, but a similar strategy can be used to analyze its transverse response. Figure 7-3
shows the adapted three-dimensional finite element modeling approach, which is
discussed in the following sections.
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Non‐liquefiable soil

Liquefiable soil without lateral spreading

Liquefiable soil with lateral spreading

Figure 7–2 Complex 2D soil layer model
Right abutment
Second bent
First bent

Bridge deck
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Left abutment
Transverse rigid beam

Soil layer
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Figure 7–3 Key components for the CBSF system in OpenSees
7.2.1. Super-structure and Sub-structure Modeling

In the finite element model of the bridge, the composite steel girder and concrete
deck are modeled with equivalent elastic beam column elements while distributed
plasticity elements with fiber sections with appropriate constitutive models for both the
concrete and the steel reinforcement are used for the bridge columns. Using fiber sections
for the columns is important for capturing VGM effects because they can simulate the
interaction between axial and flexural forces. The cross section is discretized into fibers
of confined and unconfined concrete, and reinforcing steel as shown in Figure 7-3(a). The
confined and unconfined concrete behavior is modeled using the “Concrete02 material”
in OpenSees, which can reflect the concrete tensile strength and linear tension softening.
The column confined and unconfined compressive concrete strengths are equal to 36.2
MPa and 33.5 MPa, respectively. The reinforcing steel is assumed to have a yield
strength fys = 466 MPa, and an elastic modulus Es = 200 GPa, and is modeled as a bilinear
material using OpenSees “Steel01 material”.
The steel girders are supported on high-type steel bearings which transfer the
loads to the columns with fixed bearings over each of the bents and rocker bearings at
each of the abutments. The bearings are modeled using nonlinear springs which account
for bearing stiffness, sliding friction and steel dowels. Zero-length elements with parallel
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uniaxial material models composed of a “Steel01 material” and a “Hysteretic material”
are used to capture the horizontal behavior of bearings, while zero-length elements with
parallel uniaxial material models composed of a “Steel01 material” and an “Elastic-No
Tension material” are used to capture the vertical behavior of bearings. The original
horizontal bearing model was developed by Nielson and DesRoches (2006) whose
modeling approach for typical MSCS girder bridge bearings was based on experimental
tests conducted by Mander et al. (1996). However, this bearing model assumed that the
normal force carried by the bearings remains constant during seismic shaking and ignored
the vertical behavior of the bearings. Consideration of the changes in the frictional forces
due to variations in normal force is essential, especially for capturing the effects of
VGMs. In this study, axial load histories from the individual bearings recorded during
earthquake simulation are utilized to update the normal force carried by individual
bearings at every time step using the “Parameter” and “updateParameter” commands in
OpenSees. The abutments are modeled with rigid beam components (Aygun et al. 2011).
Nonlinear hysteretic springs are used to model abutment-soil interaction in active, passive
and transverse action and pounding between deck and abutment. The hysteretic behavior
of these springs is modeled based on Nielson and DesRoches (2006), whose modeling
approach for typical MSC steel girder bridge components was validated based on past
test data. Figure 7-3(c) presents the simulation model of the bearings and abutments.
7.2.2. Foundation and Soil Modeling

Foundation and soil may have significant impact on the seismic response of
bridge structures. Two equivalent piles are used to represent the eight pile group under
each column with their cross sections based on the equivalent stiffness criteria in the
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longitudinal direction. Since only one row of piles is under the abutment, the real size of
the piles is modeled. To transfer the soil-pile interaction forces from the 2D soil and 1D
p-y, t-z and q-z spring models to the 3D bridge-foundation model, transverse rigid beams
are used to connect the piles under different columns and abutments. Each pile is then
discretized into a number of displacement-based, fiber-section beam-column elements.
The material models for the pile are the same as those described earlier for the column.
A centerline plain strain 2D mesh of quad elements adjacent to nonlinear beamcolumn pile elements is used to model the soil profiles. Two types of soil material
constitutive models are used in this study: pressure independent and pressure dependent
material models. Liquefiable sandy soils are modeled with a pressure dependent multiyield material embedded into fluid solid porous material to simulate undrained and
saturated soil conditions. Nonliquefiable saturated clayey soils are modeled with the
pressure independent multi-yield material and are also embedded into fluid solid porous
material (Yang et al. 2003). The soil mechanical parameters are adopted following the
recommendations of Yang et al. (2008) for typical soil conditions. These soil models
have been extensively calibrated and validated for both drained (dry) and undrained
(liquefaction) conditions (Boulanger et al. 1999; Zhang et al. 2008).
The coupled soil-pile interaction behavior that can consider liquefaction effect
and account for VGMs is modeled in this work using the dynamic p-y method. The p-y, tz, and q-z springs which include dashpot and gap elements (Boulanger et al. 1999) at the
soil pile interface are used to link the 2D soil layer to the pile nodes to simulate the soil
lateral resistance, axial friction and pile tip ending bearing resistance, respectively as
shown in Figure 7-3(d). The t-z and q-z springs are included to account for the self-
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weight of the structure and vertical soil-pile interaction, which is crucial for the
simulation of VGMs. The parameters needed to determine the backbone forcedeformation curve of the interface springs are based on the American Petroleum Institute
(API) (1993) and Matlock (1970). “PyLiq1” and “Tzliq1” springs that can adapt to the
temporal changes in pore water pressure on the adjacent 2D soil elements are adopted to
model liquefaction effects. No energy absorbing boundaries exist in the model, and
radiation damping is captured by the p-y, and t-z spring dashpot with a radiation damping
coefficient of 1% (Shin et al. 2007). The group efficiency factors presented by Mokwa
(1999) are used to scale the ultimate capacity of the p-y springs to account for closely
spaced piles. No group effect is considered in the vertical direction, consistent with
previous studies of bridge behavior in liquefiable soils (Kramer et al. 2008).

The

effectiveness of two-dimensional soil domains coupled with p-y, t-z, and q-z springs has
been checked against the results of shaking table tests and centrifuge tests by researchers
at the University of Washington, the University of California, Davis and the University of
California, San Diego (Yang et al. 2008; Boulanger et al. 1999; Kramer et al. 2008;
Arduino 2010). The limitations of the 3D/2D/1D model is that they cannot be used to
simulate liquefaction-induced settlement, lateral spreading and slope instability, which is
beyond the scope of this study but it is part of on-going research by the authors. In
addition, this model cannot be used to simulate the whole groups of piles along with the
entire structure, which can only be simulated by three-dimensional soil modeling
approaches. However, this modeling approach adopted in this study provides the
opportunity for future probabilistic risk assessment studies of entire inventories of
bridges and associated bridge networks, while capturing SSI with non-liquefiable soils,
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and liquefiable soils without lateral spreading and slope instability. Also, to investigate
the influence of SSI with liquefaction on the seismic response of the CBSF system under
the combined horizontal and vertical ground motions, a fixed base finite element bridge
model is also considered as a reference.

7.3. Dynamic Response of the CBSF System under the Combined
Effect of Vertical and Horizontal Ground Motions
Before conducting the fragility analysis, six earthquake ground motion records as
listed in the Table 7.1 are used to gain the deterministic insight on the effects of VGMs
on the seismic response of the CBSF system. Some of these ground motions are also
adopted by other studies (Kim et al. 2011) which show that they have a great impact on
the seismic response of the bridges when VGMs are included. Note that the six ground
motions are divided into three pairs with similar PGAH and PGAV. In order to
investigate the effect of VGMs, all of the selected ground motions have a PGAV/PGAH
ratio larger than 0.4. The PGAH varies from a minimum value of 0.371g to a maximum
value of 0.897g. The corresponding elastic response spectra of normalized pseudoacceleration (Sa/g) are plotted in Figure 7-4 with 5% damping. It can be seen from Figure
7-4 that although the PGAH and PGAV of ground motions in the same pair are similar,
their frequency contents are quite different. These variations enable investigating the
influence of the characteristics of ground motions on the CBSF system seismic response
under the combined effect of vertical and horizontal ground motions.
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Figure 7–4 Spectral acceleration of the selected ground motions: (a) vertical ground
motions, (b) horizontal ground motions
Table 7.1 Input ground motions used for assessment of the CBSF system
PGA (g)

PGV
(cm/sec)

L

L

V

L

V

0.371 0.197

62

15

30

7

12.0

0.389 0.182

38

6

5

3

6.93

3.9

0.644 0.455

55

18

11

7

TCU071

7.62

5.3

0.655 0.449

69

35

49

31

Sylmarconverter
Sta East

SCSE

5.28

14.9

0.897 0.585 102

35

45

26

Sylmar Olive View
Med FF

SOVMF

5.99

42

0.843 0.535 130

19

33

9

Earthquake
Name

Station
Name

Abbreviation

Loma
Prieta

Hollister South &
Pine

HSP

6.93

27.9

Northridge

Stone
Canyon
Geophys
Obs

SCGO

4.81

Loma
Prieta

Corralitos

Corralitos

Chi-Chi,
Taiwan

TCU071

Northridge

Northridge

Mw

Dist.
(km)

V

PGD (cm)

The simulations are carried out in two phases: at first, only horizontal components
of the motion are applied; while in the second phase both horizontal and vertical
components of the ground motions are applied. In each analysis, critical component
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displacements and forces are monitored to gain an insight into the effects of vertical
accelerations on the response of bridge structures. To perform a seismic analysis for the
CBSF system in OpenSees four stages are followed: First, a gravity analysis is applied
statically for the soil where the soil materials are considered to be in the linear elastic
range. Then the soil constitutive models are updated from linear elastic to elastoplastic
using the “updateMaterialStage” command in OpenSees. Third, the nonlinear model of
the superstructure, columns and pile group foundations is added to the soil, and a gravity
analysis is applied statically to the entire CBSF system. Then, nonlinear dynamic
analyses are performed on the CBSF system.
The following engineering demand parameters (EDPs) that may be affected the
most by vertical ground motions are monitored in detail: the deck bending moment in the
mid-span and at the bents; the axial force, moment and shear force in the columns; the
axial force and pile cap displacement in the piles; and the normal force variation and
force displacement relationship of the bearings. Sample results from these comprehensive
analyses are discussed below to highlight the significance of VGMs on the seismic
response of the CBSF system with SSI and potential soil liquefaction. Results indicate
that all of the saturated sand layers liquefy due to the cyclic loading caused by the
earthquake excitations. The pore pressure ratio time history and the degradation of soil
springs for the saturated sand layer at the first bent illustrate this process as shown in
Figures 7-5(a) and 7-5(b), respectively. For conciseness, the results for the SCSE
earthquake are presented in detail in this section because both the PGAH and PGAV of
SCSE are significant and the associated VGM has important influence on the seismic
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response of the CBSF system. The results for other earthquakes are also discussed
relative to this event to support the observed findings and trends.
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Figure 7–5 Softening in saturated sand from SCSE: (a) pore pressure ratio (b)
softening of p-y spring
7.3.1. Bending Moments of the Bridge Deck

Figure 7-6 shows the bending moment time history at the middle of the end span
and at the middle of the bridge for the SESC earthquake with and without VGMs along
with the positive and negative moment capacity. The figure shows that the moments at
these locations significantly increase due to the VGM and the amplification in bending
moment due to vertical effects is more pronounced for the middle of the end span than
the middle of the bridge. In addition, the moment capacity is adequate to resist the
demand at the positive direction. However, because the composite bridge deck has a
limited negative bending capacity, the moment demand may exceed the capacity in the
negative direction when VGM effects are considered. This finding is, in general, in line
with the results obtained in another study (Kunnath et al. 2008). With regard to other
ground motions, Table 7.2 shows the maximum and minimum bending moments for the
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six ground motions. The maximum moment for the H & V case is 4 times more than the
H-only case for the Corralitos earthquake. The ratio ranges from 0.8 to 4.21 for the
moment at the middle of the end span, which indicates the significant effect of VGM on
the bending moment of the bridge deck. Although not shown here, the bending moments
at the bent are influenced by the VGMs in a similar way.
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Figure 7–6 Influence of VGMs on the bending moment at the middle of (a) the end
span and (b) the bridge
Table 7.2 Maximum and minimum bending moment (M) of the bridge deck
Ground motion M at the middle of end span (kN-M)
H-only

H&V

Min

Max

Min

Max

HSP

2,239

3,814

-3,875

10,206

SCGO

2,262

3,025

-1,236

5,446

Corralitos

2,087

3,214

-7,997

16,767

TCU071

1,757

3,952

-7,684

14,284

SCSE

1,206

4,654

-11,420

15,889

SOVMF

1,277

3,921

-3,991

11,966
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7.3.2. Axial Load, Bending Moment, and Shear Force of Columns

Due to the symmetry of the CBSF system, the seismic responses of the columns
are the same at the first and the second bent. Figure 7-7 shows the axial force time history
of one of the central columns with and without VGMs for the SCSE case. Clearly the
fluctuation of axial forces under horizontal ground motions is small. However, the axial
force variation increases considerably when VGMs are included, which is consistent with
previous research for the fixed base cases (Saadeghvariri and Foutch 1991; Kim et al.
2011). Table 7.3 shows the maximum and minimum compressive axial force for the six
ground motions, where positive values indicate tensile forces in the columns. The
maximum compressive force for the H & V case is 91% more than the H-only case for
the six ground motions. Also, for the Corralitos earthquake, a maximum net tensile axial
load of 29 kN occurs, which has a significant influence on the flexural and shear capacity
of the column. These results highlight the importance of VGMs on the seismic induced
axial force of the columns because such fluctuations have a great influence on the column
flexural and shear capacities.
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Figure 7–7 Influence of VGMs on the axial force of the bridge columns

224
Table 7.3 Maximum and minimum axial force of the column
Ground motion

Axial force (kN)
H-only
Min

Max

H&V
Min

Max

HSP

-1,152 -1,050 -1,816 -335

SCGO

-1,137 -1,070 -1,460 -765

Corralitos

-1,171 -1,013 -2,236

29

TCU071

-1,205

-985

-1,954 -170

SCSE

-1,437

-990

-2,287

SOVMF

-1,416

-921

-2,084 -224

-51

Figure 7-8 compares the bending moment history of the central column for the
SCSE earthquake with and without VGM effects. The diagrams for bending moment
under the two cases are almost identical, which indicates the negligible effect of vertical
component of earthquake on the bending moment of the column. However, the variation
of the axial force in the column affects the moment capacity of the column. The effect of
the axial load on the ultimate bending moment of the columns (M-N interaction) is also
considered. Figure 7-9 shows the interaction diagram for the bridge column. The axial
loads on the column vary from -100 kN to 3000 kN during the ground motion excitation,
which corresponds to a 48% change in the moment capacity and depicts the change in
flexural capacity with axial force variation under VGM. While this phenomenon occurs
for the six earthquakes considered, only the TCU071 earthquake causes the failure of the
column under VGM as shown in Figure 7-10.
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Figure 7–8 Influence of VGMs on the column bending moments
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Figure 7–10 Time history of bending moment demand and capacity of the column (a)
with VGMs and (b) without VGMs for the TCU071 earthquake
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Another influence of the significant variation of axial force in the column is
changes in the shear capacity. Compressive axial forces increase the shear capacity, while
tensile axial forces which are often unanticipated in column design lead to a decrease in
shear capacity. The shear strength model proposed by Priestley et al. (1994) is employed
to estimate the shear capacity of the columns, since this model has been shown to provide
good agreement with the experimental data. Time histories of the shear capacity along
with the shear force under ground excitation are plotted in Figure 7-11. Owing to varying
axial load, the shear capacity for the H & V case changes significantly. However, this
decrease of shear capacity due to the decrease in the axial force demand is not expected
to cause the failure of the columns as their design and behavior is flexure dominated. The
time history analyses for all six records consistently reveal that the maximum shear
capacities are not exceeded, despite the decrease in capacity with axial load fluctuation.
It is also found that the shear demand on the column is not significantly affected by the
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Figure 7–11 Time history of shear force and capacity of the column (a) with VGMs
and (b) without VGMs
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7.3.3. Axial Load and Lateral Displacement of Piles

Figure 7-12 displays the axial force time history of the equivalent pile at the bent
and the pile at the abutment with and without VGMs under the SCSE earthquake. Unlike
columns, the maximum and minimum axial force of the pile is not significantly
influenced by the VGMs. In addition, it is concluded that even under horizontal ground
motions, the axial forces of the piles also change significantly throughout the record due
to the rocking of the foundation and the superstructure caused by the horizontal ground
motions. Although it is beyond the scope of this study, attention should be paid to the
large tensile force of the pile because it may cause pullout of the reinforcement between
the pile and pile cap or the possibility of foundation uplift.
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Figure 7–12 Influence of VGMs on the axial force of the piles (a) at the abutments
and (b) at the bents

Pile cap displacements are often used to quantify pile damage because they can be
easily computed (Kramer et al. 2008) and are easier to observe in the field post-event to
assess pile foundation integrity and performance (Aygun et al. 2011). Therefore, the
influence of VGMs on the pile cap displacements is also studied. Figure 7-13 displays the
pile cap displacement at the bent and pile-abutment interface displacement with and
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without VGMs due to the SCSE earthquake. Figure 7-13 shows that VGMs reduce the
maximum pile cap displacement slightly at the bent but do not have any influence on the
maximum pile-abutment interface displacement. In fact, of the six ground motions
considered, the SCSE earthquake is the only one in which inclusion of VGMs that has a
slight influence on the pile cap displacement at the bent. For other earthquakes the effect
of VGMs on the displacement of the pile cap both at the bent and at the abutment is
negligible. From the above analysis results, it is concluded that the seismic demand of the
pile cap displacement is not significantly influenced by VGMs. However, attention
should be paid to the pile axial force variation because current pile damage limit state
capacities assume a constant axial force. The limit state of the pile considering axial force
variations is part of ongoing research by the authors.
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Figure 7–13 Influence of VGMs on the pile-cap displacement (a) at the bent and (b)
at the abutment
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7.3.4. Normal Force Variation and Force Displacement Relationship of the
Bearrings

Based upon the gravity load analysis, each expansion bearing and fixed bearing
carry a dead load of approximately 150 kN and 430 kN, respectively. The time-history of
the normal force of the expansion bearing and fixed bearing for the SCSE earthquake is
shown in Figure 7-14. When considering only horizontal ground motion, the normal force
remains almost constant. For the H & V case, however, this is not the case. The normal
force changes significantly and the maximum normal force is almost 2 times that of the
horizontal ground motions for both the expansion and fixed bearings. For certain ground
motions, even tensile normal forces occur, in which uplift of the bearing takes place in
the vertical direction. This uplift causes instantaneous loss of stiffness of the bearing
during the earthquake. Such response underscores the need for further experimental and
analytical studies to validate behavioral characteristics of bearings, especially for high
type bearings where stability is also an issue. Figure 7-15 shows the longitudinal
displacement time histories of the bearings for the SCSE earthquake. Note that the
maximum displacement of the fixed bearing increased by 209% when VGMs are
considered while the expansion bearing is not influenced much. The reason that VGMs
have more of an impact on fixed bearings is that fixed bearings carry more vertical loads,
almost three times as great as expansion bearings.

230
0

0
H&V
H

-50

H&V
H

-100

Normal force [kN]

Normal force [kN]

-200
-100
-150
-200

-300
-400
-500
-600
-700

-250

-800
-300
0

10

20

30

-900
0

40

10

Time [second]

20

30

40

Time [second]

(a)

(b)

Figure 7–14 Time history of normal force of (a) expansion bearing and (b) fixed
bearing
0.3
0.25
0.2
0.15
0.1
0.05
0

-3

H&V
H

4
3
2
1
0
-1

-0.05
-0.1
0

x 10

5

Displacement [m]

Displacement [m]

6

H&V
H

-2

10

20

Time [second]

(a)

30

40

-3
0

10

20

30

40

Time [second]

(b)

Figure 7–15 Time history of longitudinal displacement of (a) expansion bearing and
(b) fixed bearing
7.3.5. Comparison with Bearing Model with Constant Normal Force

Most bearing models are established under the assumption of a constant normal
force, neglecting fluctuations in vertical forces. In order to compare the traditional
approach to the model herein which accounts for variation in normal forces in the
bearings, an additional analysis is conducted in which the normal forces under gravity
load are adopted as constant normal forces for the bearing. Figure 7-16 shows the
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hysteretic loops of the bearings for the two bearing models during the SCSE earthquake.
The variable normal force model can capture the abrupt changes in normal force and
thereby the change of the horizontal stiffness and instances of uplift in the vertical
direction. It is concluded from Figure 7-16 that the hysteretic diagrams of these two
models for the expansion bearing are almost matching with only small deviation due to
the variations of the normal force. However, for the fixed bearing, the displacements of
the new model decrease 27% compared to the traditional model. The reason is that fixed
bearings carry more vertical load than expansion bearings. Furthermore, uplift is
identified in the new model, which although not explicitly modeled herein may trigger
instability of the bearing. Therefore, neglecting the influence of the variations in the
normal force acting on the bearings will cause inaccuracies in the results. This highlights
the significance of advanced simulation approaches in identifying the influence of VGMs
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7.4. Fragility analyses of the CBSF System under the Combined
Effect of Vertical and Horizontal Ground Motions
7.4.1. Selection of Input Ground Motions

Near-fault ground motions are generally characterized by both long-duration
horizontal pulses and high-frequency motions in the vertical direction, with high values
of the acceleration ratio (PGAV/PGAH), defined as the ratio between the peak vertical
acceleration, PGAV, and peak horizontal acceleration, PGAH (Mazza and Vulcano
2011). In this study, a suite of 40 earthquake ground motion records at varying hazard
levels are selected from the PEER strong motion database for adequate fragility analysis
as listed in Table 7.4. These PEER records are used due to the scarcity of actual
earthquake data or synthetic motions with vertical components in central and eastern
United States. The records are all near-fault ground motions with closest distance less
than 30 km. Figure 7-17 shows the response spectra of the 40 ground motions in the
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horizontal direction and vertical directions along with the frequency histograms of the
PGA values, which demonstrates that the energy content of the VGM is mainly stored in
the short periods. The PGAH varies greatly, ranging from a minimum value of 0.204g to
a maximum value of 1.779g. The nonlinear time history analyses of the CBSF system are
carried out in two stages: at first, only horizontal components of the motion are applied,
while in the second stage both horizontal and vertical components of the ground motions
are applied simultaneously. In each analysis, critical components’ displacements and
forces are monitored to gain an insight into the effects of vertical accelerations on the
response of bridge structures.
Table 7.4 Input ground motions used for the fragility analysis
PGA (g)
Distance
(km)
Horiz. Vert.

Earthquake
Name

Station
Name

Mw

Cape
Mendocino

Cape
Mendocino

7.01

7.0

1.497

Cape
Mendocino

Petrolia

7.01

8.2

Cape
Mendocino

Rio Dell
Overpass - FF

7.01

Chi-Chi,
Taiwan

CHY028

Chi-Chi,
Taiwan

PGV (cm/sec)

PGD (cm)

Horiz.

Vert.

Horiz.

Vert.

0.754

125.0

62.7

39.1

110.2

0.590

0.163

48.3

24.1

21.8

27.7

14.3

0.385

0.195

43.7

10.4

21.3

7.1

7.62

3.6

0.653

0.337

72.9

36.3

14.7

13.5

TCU080

6.30

10.2

0.469

0.480

28.7

11.9

5.6

2.3

Chi-Chi,
Taiwan

CHY080

7.62

2.7

0.968

0.724

107.7

49.0

18.5

27.9

Chi-Chi,
Taiwan

TCU065

7.62

0.6

0.814

0.272

126.2

77.0

92.7

53.8

Chi-Chi,
Taiwan

TCU068

7.62

0.3

0.566

0.486

176.8

187.5

324.4

266.7

Chi-Chi,
Taiwan

TCU071

7.62

5.3

0.567

0.449

44.5

34.8

13.7

31.2

Chi-Chi,
Taiwan

TCU079

5.9

10.4

0.743

0.388

61.2

25.4

11.2

12.7

Chi-Chi,

TCU084

7.62

11.2

1.157

0.340

114.8

25.4

31.5

11.9
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Taiwan
Chi-Chi,
Taiwan

TCU088

5.9

28.4

0.508

0.222

15.7

13.0

5.3

10.2

Coalinga

Pleasant
Valley P.P. yard

6.36

8.4

0.592

0.353

60.2

16.0

8.9

2.3

Coalinga

Oil City

5.77

8.5

0.250

0.098

9.4

3.0

0.8

0.3

Coalinga

Coalinga-14th
& Elm

5.77

10.8

0.204

0.079

8.1

2.3

0.5

0.3

Coalinga

Transmitter
Hill

5.77

9.5

0.205

0.114

11.9

3.3

1.3

0.3

Duzce,
Turkey

Bolu

7.14

12.0

0.728

0.203

56.4

17.3

23.1

14.2

Duzce,
Turkey

Duzce

7.14

6.6

0.348

0.357

59.9

22.6

42.2

19.3

Duzce,
Turkey

Lamont 375

7.14

3.9

0.514

0.193

20.3

9.4

7.6

6.1

6.53

0.7

0.370

0.835

35.3

10.2

9.9

5.1

Imperial
Valley

Agrarias

Imperial
Valley

Bonds Corner

6.53

2.7

0.588

0.425

45.2

12.2

16.8

4.1

Imperial
Valley

El Centro
Array #5

6.53

4.0

0.519

0.537

47.0

38.4

35.6

19.8

Imperial
Valley

El Centro
Array #6

6.53

1.4

0.410

1.655

64.8

57.2

27.7

25.4

Imperial
Valley

El Centro
Array #7

6.53

0.6

0.338

0.544

47.5

26.4

24.6

9.4

Imperial
Valley

El Centro
Array #8

5.01

11.0

0.602

0.439

54.4

22.4

32.5

11.9

Imperial
Valley

El Centro Diff.
Array

6.53

5.1

0.352

0.707

71.1

20.6

46.0

11.7

Imperial
Valley

SAHOP Casa
Flores

6.53

9.6

0.287

0.379

19.3

9.1

2.5

1.3

Kobe, Japan

KJMA

6.9

1.0

0.821

0.343

81.3

38.4

17.8

10.4

Kobe, Japan

Takarazuka

6.9

0.3

0.693

0.433

68.3

34.8

26.7

12.4

Kobe, Japan

Takatori

6.9

1.5

0.611

0.272

127.3

16.0

35.8

4.6

Kobe, Japan

KJMA

6.9

1.0

0.821

0.343

81.3

38.4

17.8

10.4

Loma Prieta

Capitola

6.93

15.2

0.529

0.541

35.1

17.8

9.1

2.8

Loma Prieta

Gilroy Array
#3

6.93

12.8

0.555

0.338

35.8

15.5

8.1

7.1

Loma Prieta

LGPC

6.93

3.9

0.966

0.886

108.5

68.8

65.8

65.0

Loma Prieta

Saratoga -

6.93

8.5

0.512

0.389

41.1

26.9

16.3

15.2
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Figure 7–17 Spectral acceleration of the selected ground motions: (a) horizontal
ground motions and (b) vertical ground motions
7.4.2. Intensity Measures and Engineering Demand Parameters

Different ground motion parameters should be used as IMs depending on the
governing response characteristics of the structure considered. Since the seismic response
of a CBSF system is complex, especially when VGMs are considered, it is necessary to
examine a wide range of potential IMs and identify the optimum IM for the prediction of
bridge response. The ground motions are characterized by intensity measures (IMs) and
their choice plays a crucial role in the fragility analysis of bridges. An optimal IM is one
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that has good efficiency, practicality, sufficiency, hazard computability and predictability
among other characteristics (Mackie and Stojadinovi 2001; Giovenale et al. 2004; Padgett
et al. 2008). Several studies have investigated the effects of using different IMs, such as
PGA, PGV, spectral acceleration, and others (Mackie and Stojadinovic 2003; Padgett et
al. 2008; Bradley et al. 2009; Shafieezadeh et al. 2011). So far, most researchers have
adopted PGA and spectral acceleration at the fundamental period as the ground motion
intensity measure when assessing the fragility of bridges. However, most studies did not
consider VGMs in determining optimal IMs. In addition, previous studies have shown
that PGA is not an ideal IM for evaluating liquefaction because it cannot consider the
duration of the ground motions (Kramer et al. 2008). Determining the optimum IM is still
a challenge especially for coupled bridge-soil-foundation (CBSF) systems when
liquefaction is considered. One of the objectives of this study is to identify an optimal IM
for the seismic response of CBSF systems under the combined effect of vertical and
horizontal ground motions.
The engineering demand parameters (EDPs) considered for the development of
PSDMs herein were selected among the structural response parameters that were most
significantly influenced by the inclusion of VGMs. Results from prior studies
(Saadeghvariri and Foutch 1991; Button et al. 2002; Kunnath et al. 2008; Kim et al. 2011;
Wang et al. 2012) showed that the following EDPs are impacted significantly by VGMs:
the bending moment demand at the middle of the end span, at the center of the bridge,
and at the bents; the axial force of the columns, which will have an effect on the flexural
and shear capacity of the columns; and the normal force of the bearings that in turn
affects their force displacement relationship. Although VGMs do not have a great impact
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on the seismic demand of the pile cap displacement and the maximum axial force of the
piles, it may have some influence on the pile capacity due to the pile axial force variation.
Regarding bridge deck bending moments, the flexural capacity of the girders in the
positive direction is adequate to resist the increase in the demands due to the VGMs.
However, the amplification of the moment demand in the negative direction may exceed
the capacity, especially for deck moments at the center of the end span. In terms of the
columns, their axial force demands are not a concern since they do not exceed their axial
capacity, although the significant fluctuation of axial forces has a great impact on the
poorly confined columns’ shear and flexural capacity. However, the decrease of shear
capacity due to the axial load fluctuation is not expected to cause the failure of the
columns as their design and behavior is flexure dominated even if axial load fluctuations
are considered (Wang et al. 2012). For the bearings, the significant fluctuations of the
normal force may have a great impact on the seismic demand on the bearings. Therefore,
PSDMs are developed for the columns, piles, negative deck bending moment at the
middle of the end span, and the expansion and fixed bearings.
For the columns and the piles, whose capacities are changing with the axial force
demand caused by the VGMs, the peak values of the drift ratio and the pile cap
displacement do not necessarily occur at the most critical axial load demand. Therefore,
the time histories of the column drift ratio and the pile cap displacement are divided by
the capacities at the corresponding axial load for each analysis time step to get demandcapacity ratios and monitor the maximum level. For the bridge deck and the bearings, the
maximum demand-capacity ratio occurs at the same time step with the maximum demand
since their capacities for different limit states are constant.
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When scalar IMs are adopted for the demand modeling, only one IM can be
chosen to depict the ground motion characteristic. Hence, PSDMs are built to explore
optimal IMs for components that are influenced by both horizontal and vertical ground
motions. Either IMs from the horizontal motions or IMs from the vertical motions are
considered, depending upon the dominant influence of ground motion component on the
bridge component behavior. For example, analysis of results show that the negative
bending moments of the deck at the middle of the end span are mainly caused by the
VGMs and can be decoupled from the HGMs. This conclusion is in line with the results
obtained by Kunnath et al. (2008). Therefore, the optimal IM for the negative deck
bending moment should be obtained from the VGMs. The maximum axial force of the
columns and the maximum normal force of the bearings are also mainly influenced by
VGMs. Although the normal force variations of the bearings can affect the stability of the
steel bearings or cause the pullout of the bolt, this type of failure of the bearings is not
well understood and additional tests are needed to verify the failure of the bearings
caused by normal force variation coupled with lateral load. Therefore, this study mainly
focuses on the influence of significant variations of the normal force on the mechanism of
the load transfer through the bearing. For instance, if normal forces are zero or tensile, the
lateral frictional force transferred from the bridge deck to the bearing will reduce
substantially. The bearing model used in this study can update the normal force at every
time step automatically to account for the change of the frictional horizontal force
transferred from the deck (Wang et al. 2012). Hence, the axial force of the columns and
normal forces of bearings are chosen as EDPs in order to check which IMs from VGMs
are optimal for EDPs that are mainly affected by VGMs. As listed in Table 3.5, a total of
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14 different IMs from HGMs are considered for the column drift, pile cap displacement
and bearing displacement which are dominated by HGMs and also influenced by VGMs.
Another 14 different IMs from VGMs are also considered for the negative deck bending
moment, maximum axial force of columns, and maximum normal force of fixed bearings.
Table 7.5 indicates if the IM is considered for the HGM, VGM, or both. The first ten IMs
are evaluated for both the HGMs and VGMs. The choice of these IMs is mainly based on
the literature review and prior deterministic analyses by the authors (Wang et al. 2012).
There are inherent uncertainties associated with the seismic responses of the
CBSF system due to either ground motions or soil structure interaction (e.g., structural
properties, soil properties, liquefaction mechanism, ground movement, etc.) The
uncertainties in the structural and geotechnical model such as concrete and steel
strengths, bearing friction coefficients, damping ratio, gap between deck and abutment,
soil density, and cohesion and friction angles of the foundation soil are all treated as
random variables whose specific probability distributions are based on literature reviews
(Nielson 2005; PEER 2006; Zhang 2006; Nielson and DesRoches 2007) and compiled in
Table 7.6. Using a Latin-hypercube sampling technique (Ayyub and Lai 1989), 40 bridge
models are generated accounting for the epistemic uncertainty in material properties,
component behaviors and damping, each of which is subjected to one of the chosen
ground motions. After each nonlinear time history analysis, the maximum
demand/capacity ratios or the maximum demands are recorded, and regression analyses
are carried out to establish the relationship between the EDPs and the IMs for different
components.
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Table 7.5 Intensity measures to characterize input ground motions
IM

Description

Units

HGMs

VGMs

PGA

Peak ground acceleration

g

x

x

PGV

Peak ground velocity

cm/sec

x

x

PGD

Peak ground displacement

cm

x

x

VSI

Velocity spectrum intensity

cm

x

x

Arias

Arias intensity

cm/sec

x

x

RmsA

Root mean square acceleration

g

x

x

CAV

Cumulative absolute velocity

cm/sec

x

x

CAD

Cumulative absolute displacement

cm

x

x

Bracket

Bracketed duration

sec

x

x

Duration

Duration of the ground motion

sec

x

x

Sa-nonliner

Spectral acceleration at the nonlinear horizontal
fundamental period

g

x

Sd-nonlinear

Spectral displacement at the nonlinear horizontal
fundamental period

g

x

Sa-elastic

Spectral acceleration at elastic horizontal fundamental
period

g

x

Sa-eaddp

Geometrical mean of the spectral acceleration at the
elastic and nonlinear horizontal fundamental period

g

x

Sa1

Spectral acceleration at the period of the first vertical
mode

g

x

Sa2

Spectral acceleration at the period of the second
vertical mode

g

x

Sa12-GM

Geometrical means of spectral acceleration at first and
second vertical periods

g

x

Square-root-of-the-sum-of-squares (SRSS) of spectral
g
x
acceleration at first and second vertical periods
Note: IMs from either HGMs or VGMs or both are indicated by “x”; for example, PGA is used to
describe both horizontal PGA and vertical PGA, whereas Sa1 is used ot describe the spectral
acceleration of the vertical ground motion at the period of the first vertical mode.
Sa12-SRSS
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Table 7.6 Probability distributions and associated parameters for CBSF system
modeling
Assumed Distribution Parameters

Random
Parameters

Probability
Distribution

µ

σ3

λ4

ξ5

COV6

Bounds

Concrete Strength
(MPa)

Normal

33.8

4.3

---

---

---

---

*

Steel Strength
(MPa)

Lognormal

---

---

6.13

0.08

---

---

*

Coefficient of
Friction (COF) for
Expansion Bearing
(L1)

Lognormal

---

---

-3.22

0.5

---

---

*

COF for Fixed
Bearing (L1)

Lognormal

---

---

-1.56

0.5

---

---

*

Initial Stiffness of
Fixed bearing
(kN/m)

Uniform

---

---

---

---

---

0.5-1.5

*

Rayleigh Damping
(mass and stiffness
proportional)

Normal

---

---

---

---

0.28

---

*

Gap at the Left
Abutment (m)

Normal

7.62

---

---

---

0.32

---

*

Gap at the Right
Abutment (m)

Normal

7.62

---

---

---

0.32

---

*

Passive Abutment
Resistance (kN/m)

Uniform

---

---

---

---

---

11.528.8

*

Ground Motion

Uniform

---

---

---

---

---

1-40

---

Shear Modulus
(kPa)

Lognormal

---

---

x

---

0.30

---

PEER,
2006

Undrained Shear
Strength (kPa)

Lognormal

---

---

x

---

0.22

---

Zhang,
2006

Friction Angle

Normal

x

---

---

---

0.12

---

Zhang,
2006

Soil Density
(ton/m3)

Lognormal

---

---

x

---

0.1

2

Ref.

Zhang,
2006

Contraction
PEER,
Normal
x
------0.2
--Parameter
2006
* Nielson, 2005; Nielson and DesRoches, 2007;
1
L-longtudinal direction; 2µ-mean; 3λ-logarithmic mean; 4σ-standard deviation; 5ξ-logarithmic
standard deviation; 6COV-coefficient of variation;
x:Parameters with only a COV reported have different mean values depending upon soil type.
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7.4.3. Optimal IMs that Account for VGMs for Key Components of the
CBSF System

An efficient IM reduces the amount of variation in the estimated demand for a
given IM value (Giovenale et al. 2004). Employing an efficient IM yields less dispersion
about the estimated median in the results of the non-linear time history analysis, which is
captured in this study by low values of β D |IM as discussed in Section 5.1. Practicality
refers to whether or not there is any direct correlation between an IM and the demand
placed on the structure. If an IM is not practical, there is little or no dependence of the
level of structural demand upon the level of the IM. Practicality is measured by the
regression parameter b in the PSDM. Proficiency measures the composite effect of
practicality and efficiency. A more proficient IM has a lower modified dispersion, ζ ,
which is an indication of the uncertainty introduced into the analysis by use of a
particular IM. The proficiency is defined as (Padgett et al. 2008):

ζ=

β D|IM
b

.

(7.2)

Before exploring the IM effects on PSDMs, key bridge components are chosen
for detailed analyses. The results of the nonlinear time history analysis for the CBSF
system show that columns in the second bent have larger drift ratios than columns in the
first bent for most of the 40 cases analyzed. Hence, columns in the second bent have
higher risk of damage and are chosen for fragility analyses. Although fragility analysis of
the piles at all locations are conducted, the results also show that the piles at the second
bent are the most vulnerable and hence selected. The reason that columns and piles at the

243

second bent are more vulnerable is that the crust layer above the liqeufiable layer at the
second bent is stiff clay while the crust layer at the first bent is soft clay. Compared to
soft clay, stiff clay can provide more resistence and associated demands to the pile and
columns when liquefaction occurs. Results indicate that liquefaction occurs for most of
ground motions considered. Several studies have investigated the effect of liquefaction on
the horizontal seismic response of bridges under HGMs (Ledezma 2007; Zhang et al.
2008). However, the effect of liquefaction on the vertical seismic response of bridges
under VGMs was not considered in these prior studies. The liquefaction effect on the
seismic response of the chosen CBSF system under HGMs has been studied by Aygün et
al. (2011), who showed that liquefaction tended to increase the displacement of the
expansion and fixed bearings while liquefaction reduced the curvature ductility of the
column. The authors (Wang et al. 2012) have investigated the influcence of liquefaction
on the vertical seismic response of the CBSF system and obtained several general
conclusions. Regarding the columns, the results showed that liquefaction also tends to
reduce their axial force fluctuations (Wang et al. 2012). In addition, the influence of
liquefaction on the vertical seismic response can be either beneficial or detrimental
depending on the frequency content of the individual motions and their relation to the
dynamic properties of the CBSF system. The results herein capture such effects of
liquefaction on horizontal and vertical seismic behavior when evaluating the fragility of
the CBSF system.
Table 7.7 lists the top four scalar IMs for HGMs based on their overall efficiency,
practicality and proficiency for the column drift, pile cap displacement and bearing
displacement for the complete damage states, which are influenced by both HGMs and
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VGMs. The IMs are listed in increasing order of efficiency. For other damage states, the
conclusions are the same as for the complete damage state. Table 7.7 shows that PGD is
the most efficient IM for the columns and piles but PGD is not good for the expansion
bearings and fixed bearings, and is not even in the list of the top four IMs. PGV and VSI
are good for all of the components and PGV is repeatedly better than VSI. Based on the
proficiency values given in Table 7.7, PGV is the best IM for the CBSF system, and also
consistently ranks among the top IMs on the basis of efficiency across all components.
Figure 7-18 illustrates the PSDM in the lognormally transformed space and parameters
estimated from the regression for PGV. It can be seen from the figure that for the piles
and expansion bearings, the PSDM using the scalar IM from HGMs is very good, despite
the potential impact of VGMs on the component demands. However, for the columns
and the fixed bearings, the scalar IM from HGMs alone cannot predict the seismic
demand as accurately given the significant influence of both HGMs and VGMs on
component behavior. These results are also reflected by the coefficient of determination
from the probabilistic seismic demand analysis. These deficient PSDMs using scalar IMs
from HGMs can be improved with vector-valued IMs that combine vertical and
horizontal ground motion IMs, which will be discussed in a later section.

Table 7.7 Demand models and horizontal IM comparisons for key bridge
components influenced by both HGMs and VGMs
EDP

Column drift demandcapacity ratio

Top IM from
HGMs

ln(a)

PGD

-3.4516

0.7975 0.7501 0.5733 0.7188

CAD

-6.1067

0.9194 0.6998 0.6353 0.6910

PGV

-6.5376

1.3305 0.6797 0.6561 0.4931

VSI

-6.2518

0.9491 0.5933 0.6800 0.7165

b

R2

β

ζ
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Pile cap displacement
demand-capacity ratio

Expansion
bearing displacement
demand-capacity ratio

-1.5668

0.8305 0.9016 0.3372 0.4060

PGV

-4.8167

1.4056 0.8827 0.3682 0.2619

CAD

-4.2271

0.9452 0.8606 0.4014 0.4246

VSI

-4.8068

1.0641 0.8224 0.4279 0.4022

PGV

-4.1320

0.9316 0.8584 0.2707 0.2906

VSI

-4.3285

0.7460 0.8249 0.2971 0.3982

CAD

-3.6696

0.6085 0.8174 0.3033 0.4985

Sa-nonlinear

0.2096

0.6185 0.7836 0.3302 0.5340

Sa-eaddp

-3.6262

1.2046 0.7273 0.6097 0.5062

VSI

-10.2712

1.1552 0.6724 0.6970 0.6033

PGV

-9.6597

1.3552 0.6393 0.7313 0.5397

Arias

-6.0181

0.7961 0.6067 0.7535 0.9464

2
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2
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Figure 7–18 Probabilistic seismic demand model given PGV for demand-capacity
ratio: (a) columns, (b) piles, (c) expansion bearings, and (d) fixed bearings
Table 7.8 presents the parameters establishing PSDM functional relationships of
the negative deck bending moment, the maximum axial force of the columns and the
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normal force of the bearings, which are influenced mainly by VGMs. In this table, the
top four IMs from the vertical ground motions are presented. It can be seen that the Arias
intensity is the most efficient IM for the negative bending moment, followed by Sa12-SRSS.
When considering the composite effect of practicality and efficiency, Sa12-SRSS is superior.
For the axial force of the columns and the normal force of the fixed bearings, Sa2 is the
best IM from the perspective of efficiency and proficiency, followed by Sa12-SRSS.
However, Sa2 may be specific to this case study and not generalizable. Therefore, more
generalizable Sa12-SRSS which combines the characteristics of spectral accelerations at the
first and second periods is recommended as the optimal IM for the EDPs that are caused
mainly by VGMs. Moreover, the results show that the spectral acceleration at the second
vertical mode of the bridge deck is more efficient than spectral acceleration at the
fundamental vertical mode. This differs from the horizontal only vibration case when the
spectral acceleration at the fundamental period of the structures is often used as a good
IM to predict the seismic response of structures. A better correlation between the negative
deck moment and Sa12-SRSS is observed, and this can be explained by the significant
contribution of higher modes (mode 2) in the vertical direction response of the bridge.
This phenomenon has been observed by the authors (Wang et al. 2012) through the
Fourier spectra of the acceleration of the bridge deck from the presence of several peaks
corresponding to the first few vertical natural frequencies of the bridge. Regarding the
mass participation of such vertical motions, analyses reveal that the mass participation of
the first vertical mode is 15% and the mass participation of the second vertical mode is
36% for the case study bridge. These results indicate that the second vertical mode plays
an important role in the vertical seismic response, and highlight the need for higher mode
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inclusion in the response analyses (Wang et al. 2012). Figure 7-19 illustrates the PSDM
in the lognormally transformed space and parameters estimated from the regression for
Sa12-SRSS. It can be seen from these figures that the dispersions are very small, therefore a
scalar IM of Sa12-SRSS from VGMs alone can predict the seismic demand well for the deck
negative bending moment demand-capacity ratio, column axial force, and fixed bearing
normal force.
Table 7.8 Demand models and IM comparisons for the key components that are
mainly sensitive to VGMs
Top IM from
VGMs

EDP

Bridge deck negative bending
moment demand-capacity ratio

Column axial force

Normal force of fixed bearing

β

R2

ζ

0.0043 0.5175 0.7707 0.3413 0.6595

Sa12-SRSS

0.1410 0.9843 0.7753 0.3424 0.3479

Sa2

0.3871 0.9621 0.7668 0.3487 0.3625

Sa12-GM

0.5264 0.9670 0.7415 0.3672 0.3797

Sa2

7.6990 0.2174 0.7693 0.0747 0.3435

Sa12-SRSS

7.6345 0.2222 0.6951 0.0906 0.4076

Sa12-GM

7.7191 0.2153 0.6509 0.0969 0.4504

Arias

7.5987 0.1086 0.5825 0.1058 0.9743

Sa2

6.6026 0.2040 0.6539 0.0919 0.4502

Sa12-SRSS

6.5485 0.2000 0.6215 0.0961 0.4803

Sa12-GM

6.6245 0.1935 0.5806 0.1011 0.5227

Arias

6.5068 0.0891 0.4622 0.1145 1.2847

8.2
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Figure 7–19 Probabilistic seismic demand model of PGV for: (a) bridge deck
bending moment demand-capacity ratio, (b) axial force of columns, and (c) normal
force of fixed bearings
7.4.4. Seismic Fragility Analysis for Key Components of the CBSF System
7.5.4.1 Limit States for the Fragility Analysis

Limit states for bridge components combine a qualitative description of their level
of damage and associated traffic closure times with a quantitative metric of their physical
state (Nielson and DesRoches 2007). Often four damage states—slight, moderate,
extensive and complete—are defined for the fragility analysis of bridges. The capacity
limit states associated with each damage state can be described by the median values and
the dispersions for the selected limit states of various bridge components. In addition, for
the columns and the piles, the capacity change with the fluctuation of axial force induced
by VGMs should be considered. A summary of the capacity limit states for each damage
state of key CBSF components is shown in Table 3.9, and the following sections provide
descriptions of the limit states adopted including unique considerations when the
structure is subjected to VGMs.
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(1) Columns

There are a number of different measures that are available for defining the limit
states of reinforced concrete columns. These metrics include drift ratio, displacement
ductility, residual displacement, and curvature ductility, among others. In this study, the
drift ratio is adopted as the EDP for columns. The drift ratio is defined as the ratio of
relative displacement between the top and the base of the bridge piers to their height.
Several values for the drift collapse limit state have been suggested in the literature and in
seismic codes. However, most of them neglect the influence of the variations of the axial
force on the limit states of column. Berry and Eberhard (2003) developed empirical
equations to estimate deformations at bar buckling and cover concrete spalling based on
theoretically expected trends in drift ratios considering the axial force of the columns.
The bar-buckling equation coefficients were modified in Berry and Eberhard (2005). The
resulting equations for the drift ratio at the onset of cover spalling and bar buckling are
provided below in Equations (7.3) and (7.4), respectively:

⎛
P ⎞⎛
L ⎞
(%) = 1.6 ⎜11+
⎟
⎜
'
⎜ A f ⎟ ⎝ 10 D ⎟⎠
L
g c ⎠
⎝

Δ sp

Δbb
d ⎞⎛
P ⎞⎛
L ⎞
⎛
(%) = 3.25 ⎜1 + K e _ bb ρeff b ⎟ ⎜1 −
⎜1 +
⎟
' ⎟
⎜
⎟
L
D ⎠ ⎝ Ag f c ⎠ ⎝ 10 D ⎠
⎝

(7.3)

(7.4)

where ∆sp is the column relative displacement at the onset of cover spalling; ∆bb is the
column relative displacement at the onset of bar buckling; Ke-bb = 40 for rectangularreinforced columns and 150 for circular columns; ρeff = ρsfys/fc’, ρs = volumetric transverse
reinforcement ratio; fys = yield stress of the transverse reinforcement; db = diameter of the
longitudinal reinforcing steel; P = axial load, Ag = gross area of the cross section; fc’ =
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concrete compressive strength; L = distance from the column base to the point of
contraflexure; and D = column depth. The ratios of the measured displacements at cover
spalling ∆sp to the displacements calculated with the proposed model had a mean of 1.07
for spiral-reinforced columns with a coefficient of variation (COV) of 35% (Berry and
Eberhard 2003). The ratios of the measured displacements at bar buckling ∆bb to the
displacements calculated with the proposed model had a mean of 0.97 and a COV of 24%
for spiral-reinforced columns (Berry and Eberhard 2005). Bar bucking corresponds to the
complete damage state herein and cover spalling corresponds to the moderate damage
state based on the damage process of reinforced concrete columns. Capacities for slight
and extensive damage states that consider the change of axial force are still lacking. This
study uses the yield of the reinforcement and two thirds of the displacement at the bar
bucking as the slight and extensive damage state, respectively.
(2) Piles

Pile cap displacements are often used to quantify pile damage because they can be
easily computed (Ledezma 2007) and are easier than other metrics to observe in the field
to assess pile foundation integrity and performance (Aygün et al. 2011). It has also been
found that the peak lateral pile cap displacement correlated well with the peak curvature
of the pile (Bradley et al. 2009). However, traditional limit states for piles, if considered
in fragility analyses, are assumed constant during the seismic excitation without
considering any axial force variations. In this study, pile limit states are established from
pushover analyses in OpenSees accounting for lateral soil pile interaction. Different
levels of axial force in the piles are analyzed to evaluate the change in capacity as a
function of axial load. First yield, second yield, 2/3 of ultimate, and ultimate curvatures
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of the piles are adopted to capture slight, moderate, extensive, and complete damage
states, respectively. These levels of curvature are related to the lateral pile cap
displacement from the pushover analyses. This SSI analysis is needed because pile limit
states are a function of not only their design, but also the soil profiles in which they are
embedded. Regression of the limit state capacities, measured as pile cap displacements,
versus axial force is conducted based on the Least Square Method. Results show that a
quadratic regression between the pile cap displacement and axial force is adequate, with a
coefficient of determination of the regression larger than 0.95. The resulting equations for
pile cap displacements in centimeters (cm) at the second bent for the four damage states
are provided below. For the first yield damage state, the influence of axial force
variations is negligible and a constant value is adopted:
Δs =2.15

(7.5)

Δm =2.949e-7P2-4.669e-4P+3.14

(7.6)

Δe =2.153e-7P2-2.962e-4P+8.11

(7.7)

Δc =3.228e-7P2-4.4401e-4P+12.16

(7.8)

where Δs is the pile cap displacement capacity for slight damage, Δm for moderate
damage; Δe for extensive damage, Δc for complete damage, and P (kN) is the axial force
of the pile (positive for compression).

Results from structural analysis under low

intensity ground motion have lower variability than results under high intensity ground
motions (Kwon et al. 2007). Therefore, this study assumes a coefficient of variation of
0.25 for slight and moderate damage states and 0.5 for extensive and complete damage
states for the piles (and bridge deck) based on the authors’ judgment and literature review
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(3) Bearings

The damage states of high-type steel bearings are usually determined based on
experimental data. Typically, the bearing displacement is used to describe the damage
states. The median values and dispersions of the prescriptive limit states previously used
in the work by Nielson (2005) are used in this study as listed in Table 7.9. These limit
states values are based on the tests by Mander et al. (1996). The influence of normal force
variations coupled with lateral load on the capacity of the bearings is not well understood
and requires future study, including additional testing to verify the influence of normal
force on the limit state capacity of the high type steel fixed and expansion bearings
considered.
Table 7.9 Limit states for selected components of the CBSF system

Bridge
component

Monitored
Component
Response

Column
failure

Slight
Damage

Moderate
Damage

Extensive
Damage

Complete
Damage

Med
(Sc)

Disp
(βc)

Med
(Sc)

Disp
(βc)

Med
(Sc)

Disp
(βc)

Med
(Sc)

Disp
(βc)

Drift ratio

0.0076

0.3

Eq.(6)#

0.35

2/3×
Eq.(7)

0.24

Eq.(7)#

0.24

Pile failure

Pile cap
displacement
(m)

Eq.(8)

0.3

Eq.(9)

0.3

Eq.(10)

0.5

Eq.(11)

0.5

Fixed
bearing
failure (*)

Longitudinal
Displacement
(mm)

6.0

0.25

20.0

0.25

40.0

0.47

186.6

0.65

Expansion
bearing
failure (*)

Longitudinal
Displacement
(mm)

34.4

0.60

104.2

0.55

136.1

0.59

186.6

0.65

Deck
failure

Negative
bending
moment (kNM)

---

---

---

---

---

---

5000

0.5

* Nielson, 2005; Nielson and DesRoches, 2007; # Berry and Eberhard 2003, 2005
Med: median value; Disp: dispersion; Eq.:Equation
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(4) Bridge Deck

Little research has focused on the limit states of the bridge deck because the deck
is typically expected to remain linearly elastic under seismic loading. However, this may
not be the case for the bridge subjected to VGMs. Since the composite bridge deck has a
limited negative bending capacity, the moment demand may exceed the capacity in the
negative direction when VGMs are considered, especially for deck moments at the center
of the end span (Wang et al. 2012). In this study, only the complete damage state of the
bridge deck corresponding to the bending moment that causes the upper concrete reach
the tensile strength is adopted based on the section properties of the deck.
7.5.4.2 Component Fragility Curves of the CBSF System

Figure 7-20 compares the fragility curves for the columns, the piles, the expansion
bearings and the fixed bearings with the effect of VGMs (H & V) and without them (H).
These fragility curves use PGV as the optimal IM identified in above section. It can be
seen that the VGMs do not have any influence on the fragility of the pile. Additionally,
the results for the columns reveal a surprising lack of impact of VGMs on their fragility,
despite the significant influence of VGMs on the axial force of the column. In fact, it is
found that whether VGMs will have impact on the fragility of the columns depends on
the configuration of the column, specifically the initial design axial load ratio of the
columns. From Equations (7.3) and (7.4), it can be seen how the axial force influences
the column capacity, which is dominated by the axial load ratio term -P/Agfc’. For
example, as Elnashai and Papazoglou (1997) also showed previously, VGMs can have a
significant impact on the column axial load ratio, potentially resulting in tensile forces on
the columns.
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Figure 7-21 shows the axial load ratio time history of the column of the chosen
CBSF system with and without VGMs for the Pacoima Dam, Northridge earthquake—a
large earthquake with PGAH = 0.968g and PGAV = 0.724g. The initial design axial load
ratio of the column is approximately 0.05. It can be seen from Figure 6 that even for such
a large earthquake, the peak axial load axial ratio changes less than 5 percent for the H &
V case compared with the H case. This explains why VGMs do not have any influence on
the fragility of the column. Figure 7-21 also shows another axial load ratio time history of
a hypothetical column with initial design axial load ratio of 0.15. The analysis reveals
that if the design axial load ratio increases from 0.05 to 0.15, the peak axial load ratio
changes more than 15 percent for the H & V case compared with the H case. Continued
increases in the design axial load ratio also result in a continued increase in the percent
variation in axial load ratio from dynamic analysis for the H & V case compared with the
H case. For the piles, the maximum and minimum axial force of the pile is not
significantly influenced by the VGMs because the axial forces of the piles are dominated
by the rocking of the foundation and the superstructure caused by the horizontal ground
motions.
For the expansion bearings, the fragilities at the slight and moderate damage
states are similar with and without vertical ground motions, but begin to deviate for the
extensive and complete damage states with PGVs corresponding to the median fragility
increased by 2% and 4% for the extensive and complete damage states, respectively.
However, the fragility curves for the fixed bearings are significantly influenced by the
VGMs compared to the expansion bearings for the four limit states. For instance, the
PGVs corresponding to the median value of the fragility increase by 43% for the slight
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damage state of the fixed bearings. The reason that VGMs have more impact on the fixed
bearings is that VGMs cause significant fluctuations of normal forces on the bearings and
the fixed bearings carry more vertical loads, almost three times as much as the expansion
bearings. For the bridge deck, there is no negative bending moment generated under the
horizontal-only excitations, which means that without VGMs the bridge deck has
basically zero failure probability in the negative direction. The median Sa12-SRSS for the
complete damage of the bridge deck is 0.869g. For near fault ground motions, this value
is plausible. Therefore, the effects of VGMs should be more explicitly considered in the
design and analysis of the bridge deck, especially for bridges located in near fault
regions. These figures demonstrate the need to include the VGMs in estimating bridge
fragilities for the fixed bearings, the columns with large initial design axial load ratio and
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7.5.4.3 Fragility Surface for Components of the CBSF System

From the results of component fragility curves, it can be seen that because only a
single IM from the HGMs is used for the components influenced by both HGMs and
VGMs, the dispersion for some components (e.g. the fixed bearing) is large. Since the
response of structures can depend on both HGMs and VGMs, using vector IMs allows for
more accurate predictions of the response by using more complete descriptions of the
scenarios (Kunnath et al. 2008). Therefore, vector-valued IMs are used to predict the
seismic demand of the components that have large dispersions. While probabilistic
seismic demand analysis using scalar IMs is a well developed concept, incorporation of
vector-valued IMs remains a challenging task. This is in part because there are many
different parameters that can be adopted as vector-valued IMs and also because the
appropriate form of the demand model for vector valued IMs with vertical ground
motions is yet to be defined. Fourteen IMs from the HGMs and VGMs (Table 7.5) are
used. Hence, a total of all possible 196 IM pairs are considered to build the relationship
between the seismic demand and the IM pairs. Multivariate regression analysis is
conducted to develop PSDMs as a natural extension from Equation (7.9):

ln( S D ) = a ⋅ ln( IM 1 ) + b ⋅ ln( IM 2 ) + c

(7.9)

where S D is the structural demand, and a, b and c are regression coefficients. The fragility
surfaces for each limit state can still be computed using Equation (3.24).
The results of the fragility curves confirm that the dispersions of the fixed bearing
are very large using only a scalar IM from HGMs, and that the influence of VGMs on the
fragility of the fixed bearing is significant. Although the dispersion of the columns is also
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large, the influence of VGMs on the column fragility of the chosen CBSF system is
negligible, which means trying to improve the dispersion of the column by adding IMs
from VGMs is not practical. However, this does not mean that other vector-valued IMs
from HGMs will not improve the dispersion of column EDPs, which is beyond the scope
of this study. The dispersions of other components are already relatively low, so in this
section, only the fixed bearing is chosen to test the vector-valued IMs including vertical
IMs and to construct fragility surfaces.
After comparing the 196 IM pairs, the combination of VSI (from HGMs) and Sa2
(from VGMs) gives the smallest dispersion 0.5595 for the complete damage state for the
fixed bearings. The horizontal IM and vertical IM vectors of VSI and Sa12-SRSS, PGV and
Sa2, and PGV and Sa12-SRSS also give dispersions less than 0.6 while scalar IM gives a
dispersion of 0.73. These results are quite reasonable as can be seen from the PSDM
analyses that VSI and PGV are good IMs from the HGMs and Sa2 and Sa12-SRSS are good
IMs from VGMs. Again, Sa2 is not recommended as explained above, and the
combination of VSI and Sa12-SRSS is recommended instead. The dispersion decreases by
22% for the multivariate regression using VSI and Sa12-SRSS compared to the regression
using PGV alone. The coefficient of determination increases from 0.639 to 0.78. For
other damage states, the trends are the similar to the complete damage state. Hence,
vector-valued IMs can predict the seismic demand better, which means that fragility
surfaces can improve estimates of fragilities relative to fragility curves derived solely as
functions of a single IM.
Figure 7-22 shows the fragility surface of the fixed bearings for the four limit
states. It is observed that the fragility of the fixed bearings is high for the slight damage.
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However, there is very small probability of complete damage. This result is consistent
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Figure 7–22 Fragility surfaces of fixed bearings at different damage states: (a)slight
damage, (b) moderate damage, (c) extensive damage, and (d) complete damage

By comparing the response of the fixed bearings from the results of fragility
surfaces and fragility curves, it is possible to assess to what extent fragility surfaces
improve the seismic vulnerability analysis. Figure 7-23 compares the results of the failure
probability obtained from the fragility surface and fragility curve for the four limit states.
The figure shows multiple slices of the fragility surface with Sa12-SRSS increasing from
0.2g to 2.6g, in increments of 0.4g. Figure 7-23 also shows the failure probability
estimated from the fragility surface for each of the 40 earthquakes considered in this
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study. It is observed that fragility curves lie between the slices of the fragility surface
with different Sa12-SRSS values for different limit states. For the complete damage state,
because the failure probabilities are very small, the results from the fragility surface and
fragility curve show no differences. However, for other damage states, this figure implies
that the failure probabilities caused by the earthquake obtained from the results of the
fragility curve will be either underestimated or mostly overestimated depending on the
amplitude of Sa12-SRSS. For the forty earthquakes chosen in this study, 9 out of 40 of the
earthquakes’ failure probability are underestimated for the slight damage state and 5 out
of 40 of the earthquakes’ failure probabilities are underestimated for the moderate and
extensive damage states, which means that in most cases, the failure probabilities
obtained from the fragility curve are overestimated. This highlights the importance of
using vector-valued PSDMs and fragility surfaces in the assessment of the bridge seismic
vulnerability under the combined effect of vertical and horizontal ground motions.
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Figure 7–23 comparison of fragility surfaces and fragility curves for fixed bearing at
different damage states: (a) slight damage, (b) moderate damage, (c) extensive
damage, and (d) complete damage. Slices of the fragility surfaces are shown at
increments of Sa12-SRSS from bottom to top ranging from 0.2g to 2.6g at increments of
0.4g

7.5. Influence of SSI on the Bridge Seismic Response under the
Combined Effect of Vertical and Horizontal Ground Motions
Section 7.3 confirms that VGMs tend to cause significant fluctuations of axial
force in columns, normal force of the bearings, and increase the vertical deck bending
moment while not having much influence on the seismic demand of piles. This section
explores the influence of SSI effects which may amplify or reduce the effect of VGMs on
the dynamic response of the CBSF system. The axial force of the column, which will
affect the flexural and shear capacity, the normal force of the fixed bearings that in turn
affects their force displacement relationship, and the bending moment of the deck are all
compared with the fixed base case since the response of these components are
significantly influenced by VGMs. The characteristics of the ground motions which will
amplify or reduce the effect of VGMs under SSI are studied systematically. In order to
highlight the influence of VGMs on key components of the CBSF system for all
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earthquakes, the variation in the EDP when the vertical ground motions are applied is
described with the percent variation (PV):

PV =

EDP( H & V ) − EDP( H )
×100%
EDP( H )

(7.1)

where EDP(H & V) is the engineering demand parameter under both the horizontal and
vertical ground motions, and EDP(H) is under the horizontal only ground motion. Both
the positive and negative maxima of the EDP are monitored as shown in Figure 7-24, as
the capacity limits in tension and compression may differ for the responses considered.
It can be seen in the figure that the effect of SSI on the structural response is
complex since the axial force demands in columns, the normal force demands of the
bearing and the moment demands in girders may increase or decrease for different
ground motions considering the effect of SSI. Spectral accelerations at the fundamental
period of the structures are often used as an intensity measure to predict the seismic
response of structures as in the case of horizontal ground motions only. However, the
increasing or decreasing demand effects of SSI cannot be explained well from the
fundamental vertical spectral acceleration because for certain ground motions even
though the spectral acceleration at the fundamental natural frequency of the vertical mode
is smaller when considering SSI, the demands increase. This means that the seismic
demands of the CBSF system under the VGMs is not only determined by the relationship
between the fundamental vertical natural frequency and the frequency content of the
ground excitation, but it is also depend on other factors such as spectral accelerations at
higher modes.
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Figure 7–24 Influence of SSI under VGMs on: (a) axial force of the column; (b)
normal force of the bearing; (c) deck bending moment at the first bent; and (d) deck
bending moment at the center of the bridge

In order to find what other characteristics of the ground motions and the CBSF
system influence the seismic response under VGMs, the vibration characteristics of the
bridge superstructures are investigated systematically. From Figure 7-24, the results show
that the SSI effect has a reduction effect on the influence of VGMs relative to fixed base
case for the SCSE earthquake and has an amplification effect for the Corralitos
earthquake (see the length of the entire bar). For example, the maximum column axial
force decreases from 2812 kN to 2287 kN for the SCSE earthquake, while it increases
from 2006 kN to 2236 kN for Corralitos earthquake when SSI effect is considered for the
H & V case. Therefore, the characteristics of these two earthquakes are explored to
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explain under what conditions that SSI will have a positive or negative effect for a certain
ground motion. Figure 7-18 displays the Fourier spectra of the acceleration of the bridge
deck at the middle of the end span caused by the SESC and Corralitos earthquakes with
and without SSI effects. The structural vibration characteristics can be seen from the
presence of several peaks corresponding to the first few vertical natural frequencies of the
bridge as identified in Figure 7-25. For the fixed base case, the second vertical mode of
the bridge deck dominates the total vertical response under earthquake excitation,
especially for SESC earthquake. This differs from the horizontal vibration case when the
first mode contributes significantly to the total response. It is also observed from Figure
7-25 that with SSI, the third modes of the structure begin to play an important role in total
response as more peaks corresponding to the vertical natural frequencies of the bridge
appear. Therefore, it is necessary to analyze the characteristics of the spectral acceleration
values corresponding to the first few modes to capture the response features accurately.
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Figure 7–25 Fourier amplitude spectra of the acceleration at the middle of the end
span: (a) SCSE earthquake (fixed base), (b) Corralitos earthquake (fixed base), (c)
SCSE earthquake (SSI), and (d) Corralitos earthquake (SSI)
Figure 7-26 shows the spectral acceleration of the vertical ground motions of the
SCSE and Corralitos earthquakes. The location of the first three natural periods of the
bridge for both the fixed base case and the SSI case are indicated by vertical lines in the
figure. The period of the SSI case is longer than the fixed base case. When considering
SSI, the first vertical natural period of the bridge increases approximately 3 percent.
However, the second and the third vertical natural frequencies of the bridge increase
more than 20 and 30 percent, respectively. Therefore, the Corralitos earthquake will
increase the seismic response when considering SSI effect, since the spectral
accelerations at both the second and the third natural frequencies in case of SSI are much
larger than the values in case of fixed base. The trends are just the opposite for the SCSE
earthquake. Thus, since the second vertical mode of the bridge dominates the response,
the SESC earthquake will decrease the seismic response when considering SSI effect.
For both earthquakes, the spectral accelerations at the first natural frequency decrease
slightly because of the small change in the first natural frequencies between the fixed
base case and the SSI case. This highlights the importance of including higher modes of
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the bridge when analyzing the seismic response under VGMs because the VGMs excite
such higher modes. This indicates that if response spectrum method is used for the design
of bridges under VGMs, multi-mode response spectrum methods instead of single mode
response spectrum methods should be used. Furthermore, the relative influence of VGMs
in increasing or decreasing the bridge responses under SSI versus fixed base is a function
of the shift in natural vertical periods (including higher modes) and the ground motion
spectral accelerations at those higher modes.
As liquefaction has been part of the SSI effects discussed so far, another issue of
interest is to assess the influence of liquefaction on the response under VGMs compared
to non-liquefiable SSI effects. In order to isolate the impact of liquefaction effects from
overall SSI on the vertical seismic response of the CBSF system, a homogeneous soil
layer that consists of a stiff clay layer topped by either loose dry sand or loose saturated
sand is also investigated. Several general conclusions on the effect of liquefaction were
obtained. First, for the axial force of the column, liquefaction tends to reduce the axial
force fluctuations. The reason is that when liquefaction happens, the loose sand layers
and the t-z springs corresponding to the liquefiable loose sand layer soften due to the
rapid build-up of pore pressures and provide a means of natural isolation which reduces
the axial force variations of the column. Second, for the bending moment of the bridge
deck, the influence of liquefaction on the vertical seismic response could be either
beneficial or detrimental depending on the frequency content of the individual motions
and their relation to the dynamic properties of the CBSF system; this is a similar
phenomenon as the one related to the influence of SSI on the effect of VGMs as
discussed above.
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7.6. Summary
This chapter investigates two threats that influence the life-cycle risk of the
highway bridges that are commonly simplified or neglected in the risk assessment of
highway bridges. The chapter highlights opportunities to move beyond the current
emphasis on horizontal ground motions (HGMs) and simple surface spring SSI model to
evaluate the seismic response of bridge structures, which contributes to the larger
framework of risk-based design of bridges and associated transportation networks. A
representative multi-span continuous steel girder bridge with a soil profile including a
liquefiable loose sand layer is used to investigate the effect of VGMs on the seismic
response of CBSF systems. An advanced modeling approach of the CBSF system is
adopted, which provides an efficient yet adequate framework to monitor multiple bridge
failure mechanisms with SSI and liquefaction effects.
This study shows that the bending moment demand at the middle of the end span,
the center of the bridge, and at the bents are all impacted significantly by the VGMs.
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Similar VGM effects are observed for the axial force of the columns, which impacts the
flexural and shear capacity, and the normal force of the bearings that in turn affects their
force-displacement relationship. However, VGMs do not have a great impact on the
seismic demand of the pile cap displacement or the maximum axial force of the piles. For
the deck, the amplification of the moment demand in the negative direction may exceed
their capacity. In addition, the bending capacity fluctuation due to the variation of the
column axial force will increase the likelihood of the failure of the column. For the
bearings, it is found that VGMs have a great impact on the normal force of both the
expansion and fixed bearings. Additionally, VGMs have a siginificant influence on the
force-displacement relationship of the fixed bearing yet little influence on the force
displacement relationship of the expansion bearing attributed to different vertical load
distributions to each bearing type. VGMs may also result in deck uplift from the bearings
leading to potential instability of bearings.
The results of probabilistic seismic demand analysis show that PGV is the
optimal IM in predicting the seismic demands on components influenced by both HGMs
and VGMs if only using a scalar IM from the HGMs. When considering the engineering
demand parameters that are mostly influenced by the VGMs, like the negative bending
moment of the bridge deck and the axial force of the column, the square-root-of-the-sumof-squares of vertical spectral accelerations at the first and second vertical modes (Sa12SRSS)

of the CBSF system is the optimal IM. This importance of considering higher modes

is further underscored by the fact that Sa12-SRSS is more efficient than spectral acceleration
at the period of the first vertical mode (Sa1) alone. In addition, when considering the
effect of VGMs in probabilistic seismic demand analysis, the scalar IM from the HGMs
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alone will cause large dispersions for certain components of the CBSF system. Therefore,
vector-valued IMs are recommended to predict the seismic demand of certain
components (e.g. the fixed bearings) under the combined effect of vertical and horizontal
ground motions. Results of this study show that the combination of velocity spectrum
intensity (VSI) and Sa12-SRSS is an optimal vector-valued set of IMs. Results from the
fragility analysis show that VGMs have a significant influence on the fragility of the
fixed bearings. However, VGMs have little influence on the fragility of the expansion
bearings as attributed to different vertical load distributions to each bearing type.
Similarly, VGMs do not have any influence on the fragility of piles as measured by
observable pile cap displacements because the axial forces of the piles are dominated by
the rocking of the foundation and the superstructure caused by the HGMs. Whether
VGMs have impact on the columns depends on the design axial load ratio of the column.
VGMs may also result in deck failures in the negative direction. Furthermore, fragility
surfaces give better estimates of the conditional failure probability than fragility curves.
Therefore, the effects of VGMs should be more explicitly considered in the design and
analysis of bridges located in near fault regions.
Finally, this study highlights that the influence of SSI on bridge seismic response
under the combined effect of vertical and horizontal ground motions could be either
beneficial or detrimental depending on the frequency content of the individual motions
and their relation to the dynamic properties and response of the CBSF system. Therefore,
for design purposes, the SSI should be explicitly considered. Moreover, unlike the
HGMs, the importance of including higher modes of the bridge when analyzing the
seismic response under VGMs is found to be critical because the VGMs excite such
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higher modes. It is also found that the relative influence of VGMs in increasing or
decreasing the bridge responses under SSI versus fixed base is a function of the shift in
natural vertical periods (including higher modes) and the VGM spectral accelerations at
those higher modes. In addition, liquefaction provides a means of natural isolation which
reduces the axial force variations of the column. For the bending moment of the bridge
deck, the influence of liquefaction on the vertical seismic response could be either
beneficial or detrimental depending on the frequency content of the individual motions
and their relation to the dynamic properties of the CBSF system. Since currently there are
no simple methods proposed to predict the influence of VGMs on the seismic response of
the bridges accurately, nonlinear time history analyses should be used to analyze the
effect of vertical ground motions and soil-structure interaction on the seismic response of
the bridges in near fault region. Based on the results of this study, the column flexural
failure, the bearing failure and the deck failure due to the negative bending moment
should be of concern to designers.
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Chapter 8

Conclusions, Key Contribution, and Future
Work

8.1. Summary and Conclusions
A significant number of bridges in the United States are located in regions with
multiple natural hazard threats (earthquakes, liquefaction susceptibility, hurricanes and
scour) as well as challenging environments (corrosion, aging, network-level routes, etc.).
However, there are several inadequacies in current bridge design codes and retrofit
standards which may lead to unsafe and uneconomic design or retrofit. This study
proposes a new risk-consistent design approach for highway bridges and associated
transportation networks that addresses practical design gaps and offers deep conceptual
methodological and modeling innovations.
This thesis first develops a framework to evaluate emerging metrics such as the
life-cycle risk (LCR) and life-cycle cost (LCC) of structures and infrastructure systems
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based on the time-dependent hazard function approach. The resulting LCR formulation
provides a basis for inverse risk analyses to determine the design parameters required for
structures to achieve an acceptable uniform risk level. Then, this risk-consistent concept
is applied to the highway infrastructure system to consider the role of individual
components on the network-level performance. In essence, this study puts forward a riskbased design method for the reliable performance of transportation infrastructure systems
under seismic hazards and a novel bridge prioritization strategy for effective resource
assignment. In addition, the target system-level performance is used to guide the design
of network components. This study also proposes an integrated, uniform, and risk-based
framework to address not only earthquake hazards, but also multiple extreme hazards,
while also exploring different levels of model complexity to guide the future design of
new bridges or the retrofit of existing bridges to satisfy the transportation network-level
performance.
This study investigates the effects of structural deterioration over the service life
through the life-cycle risk and life-cycle cost of structures and infrastructure systems.
Based on the defined degradation function and the Poisson random process assumption
for the occurrence of hazards, the LCC including construction, maintenance, repair, and
failure consequences can be obtained in closed form. The closed-form LCC analysis
provides a framework to support decisions about the optimal design of new structures or
the retrofit of existing structures. In addition, this framework not only provides a closedform solution for the mean value of the LCC but also for the variance, which is important
for the uncertainty analysis in decision making processes. Results reveal that the LCR and
the expected LCC of a typical aging multi-span simply supported (MSSS) concrete girder
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bridge significantly increase due aging effects. Therefore, aging effects must be
considered in the LCR and LCC analyses of bridge structures in corrosive environments,
such as the salt spray environment in the northern United States. However, structural
deterioration does not have much impact on the coefficient of variation of the LCC.
Finally, sensitivity study is performed to analyze the influence of the service life and
discount rate on the LCC. Results reveal that an increase in the service life will increase
the mean value of the LCC and an increase in the discount rate will decrease the mean
value of the LCC. However, the influence of the service life and the discount rate shows a
reverse trend in the coefficient of variation (COV) of the LCC. The proposed LCR and
LCC framework is unique in that it is used to guide the design of highway infrastructure
systems as well as the highway bridges. Specific methods and applications supporting the
overarching LCR vision are discussed next.
The first step towards a risk-based design of highway infrastructure system
involves the identification of the role of network components (i.e. bridge prioritization).
This research proposes a novel network ranking algorithm (NWRank) that has the
advantage of ranking the nodes and the links of a network simultaneously. This algorithm
combines the mutual reinforcement feature of Hypertext Induced Topic Selection (HITS)
and the weight normalization feature of PageRank (i.e. Google’s ranking approach).
Numerical experiment results show that the NWRank algorithm performs better than the
HITS and PageRank algorithms. Furthermore, it can avoid some problems, such as the
Tightly Knit Community effect, which exists in HITS algorithms. The NWRank
algorithm provides a new way to rank the nodes and links of a network efficiently, which
has applications to prioritize resource allocation for upgrade of infrastructure networks or
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support decision making in engineering design. In addition, a weighted NWRank is
proposed to incorporate physical non-network information (e.g., type of highway) into
the ranking of highway bridges. The application of these ranking methods is shown in the
thesis for a highway bridge network in South Carolina, United States, but the methods are
transferrable to other systems (e.g., water, power, telecommunication, etc.). The
advantage of the weighted NWRank to other ranking measures is that it not only
considers the network topology, network flow, and non-network information but it is also
computationally efficient for even large complex networks. The new bridge ranking
approach can inform spending needs to direct funds toward infrastructure that is most
deficient and critical within the regional network. In addition, these rankings can be
evaluated alongside other drivers such as demographics, inter-local cooperation or party
affiliation of congressional members for their ability to predict funding distribution.
The second step in the risk-based design of highway infrastructure system is to
find how to design network components that satisfy the target network-level
performance. The current bridge design approach uses empirical importance factors to
distinguish the relevance of different categories of bridges without considering the
topology of the overall transportation system, posing a challenge for extension in
supporting decision making on a regional transportation network-level risk assessment.
Based on the network component ranking results, an inverse reliability method is
proposed to quantitatively determine the individual bridge reliability levels required to
achieve a target reliability level for the entire transportation network, and thus advance
expert judgment approaches used in practice today. In this study, the inverse reliability
problem is formulated as an optimization problem, which is then solved by using a hybrid
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of genetic algorithms (GA) and particle swarm optimization (PSO). This study found that
a set of solutions for target reliability of bridges in each importance category satisfy the
target performance of the transportation network and no absolute single best solution
dominates without any further practical constrain and judgment. Therefore, this study
recommended three potential options for the risk-consistent design of highway
transportation network. This study provides strategies to bridge owners on how to design
or retrofit individual bridges to obtain a target transportation network performance, which
is desirable to estimate the performance of geographically distributed infrastructure
systems. The life-cycle risk concept is therefore applied to the network level for the first
time in this thesis.
The life-cycle risk concept and the target component performance obtained from
the system level design are then used for the uniform risk design approach that can
produce bridges with uniform risk of failure, which is in contrast to current methods that
do not ensure uniformity. One of the key questions in the uniform risk design framework
is to assess the various sources of uncertainties that contribute to variability in collapse
analysis. This study evaluates and identifies significant sources of uncertainty in the
collapse response of recent seismically designed bridges. Unlike previous studies that
focus on a single bridge or historic classes of structures, this study evaluates uncertainties
for new bridge portfolios—an essential understanding to inform design. The
quantification of the total system collapse uncertainty provides a basis for transitioning
toward uniform risk design of bridge structures. Then, this thesis investigates the
influence of uncertainty on the fragility of the key components of the bridges. Results
show that incorporating modeling uncertainties (e.g., uncertainty in concrete strength) not
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only increases the dispersion in the response fragility but also shifts the median capacity
of the components to a smaller value.
Then, this study proposes an explicit and practical method to design reinforced
concrete (RC) bridge columns to achieve a uniform risk of failure, which is desirable in
practice relative to the variable risk resulting from the application of current design
codes. A multi-parameter probabilistic seismic demand model is proposed first. Using
this tool, a method for uniform risk design of RC columns is proposed based on
identifying an adequate target ductility factor, which is a widely used performance
parameter governing column responses. Based on the results of risk analyses, it is not
recommended to design RC bridge columns with a high axial load ratio as large as 20%.
For columns with a low axial load ratio, based on the cost in terms of the amount of
longitudinal and transverse reinforcements, a target ductility factor equal to 5 or 6 is
suggested for the direct displacement-based design (DDBD) to satisfy the average mean
annual failure probability (MAFP) and a maximum acceptable MAFP requirement. Then,
this uniform risk design framework is also extended to incorporate the effects of soilstructure interaction. The design approach proposed in this study has the potential to aid
the design of RC bridge columns with uniform risk of failure on average, which is
desirable in practice to reduce the uncertainty in the performance of bridges across
regions.
Advancing the risk-based design of bridges under seismic hazard alone, this study
also presents a framework for multi-hazard risk assessment and risk-based design of
bridges under combined earthquake and scour hazards. Flood-induced scour is a common
phenomenon that causes the loss of lateral support at bridge foundations. However the
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impact of scour is usually ignored when assessing the anticipated response of bridges
under earthquake loads. This study quantifies the effect of scour on the dynamic behavior
and seismic performance of reinforced concrete (RC) bridges. Results show that the
structural periods corresponding to the first few modes increase with the increase of scour
depth. However, the sensitivity of the periods to the scour depth varies for different types
of bridges. The study also finds that whether scour has a beneficial or detrimental effect
on the column fragility depends on the bridge type. Scour increases the fragility of the
column of two-span box-girder bridges while decreases the fragility of the multi-span
continuous concrete girder bridge and the multi-span simply supported concrete girder
bridge. The potential damage of the bridge may also transfer from the column to the pile
foundation. Moreover, scour increases the probability of deck unseating.
Furthermore, this study proposes a practical multi-hazard bridge design
framework to investigate the appropriate way to combine earthquakes and scour
considering the simultaneous occurrence of these two extreme hazards. To evaluate the
joint failure probability of reinforced concrete (RC) bridges, this thesis develops a new
multi-hazard probabilistic seismic demand model which is the basis for the calculation of
a combined bridge fragility surface as a function of earthquake and scour hazards. Then,
the joint failure probability of RC bridges can be obtained by convolving the combined
bridge fragility surface with the earthquake and scour hazard curves at a given site.
Results for the case studies considered suggest the use of a scour load factor equal to 0.59
to combine with the earthquake hazard. This risk-consistent multi-hazard bridge design
framework provides a basis for exploring combinations of earthquake and scour loads for
additional bridge types and geometries that is also consistent with the practical load and
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resistance factor design (LRFD) methodology. Additionally, this study investigates
potential structural design alternatives to mitigate damage caused by joint flood and
earthquake exposure. This study finds that increasing the foundation stiffness is effective
for reducing the damage of the scoured bridge, while increasing the foundation depth
only has a minor effect. Also, the foundation type has great impact on the seismic
performance of scoured bridges. It is found that the enlarged shaft foundation is the best
type of foundation and should be used for RC bridges in seismically active and floodprone areas. The findings of this study can be used to guide the seismic design of new
bridges or the retrofit of existing bridges in flood-prone regions.
Finally, this study investigates the influence of vertical ground motions (VGMs)
and soil-structure interaction (SSI) on the seismic response of a coupled bridged-soilfoundation (CBSF) system. Results show that the inclusion of the VGMs has a significant
influence on the seismic response, especially for the axial force in columns, normal force
of bearings, and the vertical deck bending moments. Also, a full probabilistic analysis is
conducted to evaluate the effects of VGMs on the fragility of the CBSF system and
highlights the unique considerations on the demand and capacity model required for
fragility analysis under VGMs. Optimal intensity measures (IMs) that account for VGMs
are identified. Results show that the presence of VGMs has a minor effect on the failure
probabilities of piles and expansion bearings, while it has a great influence on fixed
bearings. Whether VGMs have an impact on column fragilities depends on the design
axial load ratio. Moreover, more accurate fragility surfaces are derived, which are
compared with results of conventional fragility curves. This study highlights the
important role that VGMs play in the selection of optimal IMs, and the capacity and
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fragility representation of certain components of CBSF systems. Finally, relative to the
fixed base case, the SSI effect tends to reduce response quantities for certain ground
motions while increasing demands for others.

This phenomenon is explained as a

function of the frequency content of the ground motions, the shift in natural vertical
periods and the VGM spectral accelerations at those higher modes. Moreover, the effects
of liquefaction are isolated relative to SSI effects in non-liquefiable soils, revealing the
influence of liquefaction on bridge response under VGMs.
In sum, this thesis provides a new perspective for designing highway bridges to
achieve transportation network-level performance as well as a transparent prioritization
method to identify critical components (i.e. highway bridges) in a network, an effective
way to design new bridges or retrofit existing ones when subjected to multiple hazards,
and a life-cycle risk analysis framework to support public safety and economic
development. Interstate commerce and economic development will benefit from
improved safety and efficiency of transportation infrastructure, as presented in this thesis,
where multiple scales of the problem (from individual bridge to network) are explicitly
modeled, account for field conditions, and provide approaches that are practical for the
engineering community.

8.2. Key contributions
The present study has the potential to directly influence the safety, reliability and
risk of transportation infrastructure systems under deteriorating conditions and in the
presence of natural hazards in the United States. The outcome of this study is of interest
to bridge owners, stakeholders, and public officials to support risk mitigation, retrofit

280

prioritization, lifeline evaluation, and risk-based design of new highway infrastructure.
This study will also help the stakeholders to distribute limited resources effectively as
well as promote the next generation bridge management strategies. The main
contributions of this research can be summarized as follows:
1. This study develops a new framework to evaluate the life-cycle risk (LCR) and
life-cycle cost (LCC) of bridges based on the time-dependent hazard function approach.
The approach is unique in that it not only accounts for phenomena ignored in current
design, such as time-varying extreme hazard vulnerability, but also provides a closed
form solution for the LCC analysis, which will greatly facilitate finding optimal design or
retrofit solutions as a function of initial design parameters, design life, and different
retrofit measures. In addition, this new risk-based framework not only provides a closedform solution for the mean value of the time-dependent LCC but also, for the first time,
its variance, which is important for uncertainty analyses in decision making processes.
This framework will aid bridge owners to efficiently distribute resources for the design of
new bridges or risk mitigation of existing bridges, which can be extended to multiple
bridges in a transportation network.
2. This study also proposes an efficient algorithm (NWRank) to identify the role
of components (e.g., bridges) at the network-level performance (e.g., transportation
network), thus supporting LCR design considerations. NWRank can not only rank nodes
of a network, which is the focus of previous studies, but can also rank links of a network
simultaneously. NWRank combines the mutual reinforcement feature of Hypertext
Induced Topic Selection (HITS) and the weight normalization feature of Google’s
PageRank while also considering the role of network flow in the prioritization of network
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components. NWRank enhances upon the current practical or state-of-the-art methods on
network component ranking in terms of scope, computational complexity, and
applicability. NWRank provides a new way to rank nodes and links of a network
efficiently, which has practical applications, particularly to prioritize resource allocation
for upgrade of infrastructure networks including transportation networks, but also
potentially water systems, and power grids among others, all with the aim to support
decision making in engineering design.
3. To operationalize ideas from LCR and ranking into practice, this thesis offers a
new method to achieve consistent network-level performance when designing individual
components. This research proposes an inverse reliability-based design approach for the
risk target design of highway transportation networks. The inverse reliability-based
design results can be translated into practice by first suggesting codified factors used to
distinguish different types of bridges quantitatively instead of using empirical importance
factors as done in practice today, and second, by choosing the right structural type to
ensure desirable transportation network reliability objectives. This approach offers
advances over the current bridge design methods, which assign importance factors to
bridges based upon judgment and lack an approach to achieve network-level performance
targets. The proposed work will have a direct influence on improving the safety of bridge
infrastructure under natural hazards in the United States and enhance public safety
through the investment of limited resources on critical bridges.
4. To propagate system-level performance targets to individual components, this
thesis puts forward a new method to design reinforced concrete (RC) bridge columns to
achieve a uniform risk of failure, as embraced by the building design community but not
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by the bridge design community. This approach is desirable in practice to reduce the
uncertainty in the performance of bridges across regions relative to the variable risk
resulting from the application of current design codes. This research thus transforms the
design philosophy from traditional uniform hazard perspectives without explicit
consideration of uniformity in the risk of damage or collapse to a uniform risk philosophy
with a target acceptable failure probability. The target ductility direct displacement-based
design approach proposed in the thesis has the potential to be applied in the future bridge
design code (e.g., AASHTO bridge design specifications) to promote adequate
performance of highway bridges under seismic loads.
5. This study also proposes a risk-based framework that is practical and flexible to
account for multiple hazards in bridge design. The versatility of the proposed framework
is demonstrated on the design of highway bridges under combined earthquake and scour
hazards. This framework offers guidance for risk analyses regarding the relative
importance of considering simultaneous earthquake and scour hazards. The riskconsistent approach in this study can be used in the future for more comprehensive
analyses to obtain scour load factors for the customary load and resistance factor design
(LRFD) code which is currently missing the combination of extreme events. Also, this
study provides practical suggestions on the seismic design of highway bridges in floodprone regions, such as the structural design alternatives to mitigate damage caused by
joint flood and earthquake exposure.
6. To manage uncertainty in analyses and design from component to network
levels, this study also develops an efficient finite element model that can reasonably
capture local relevant details, such as soil heterogeneity and liquefaction effects while
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accounting for vertical ground motions (VGMs) and maintaining an acceptable
computing time for fragility analyses that require large numbers of simulations. The
developed model is computationally efficient and can be applied to large bridge
inventories for rapid screening of vulnerable structures considering the effect of soilstructure interaction and liquefaction, which may significantly amplify the seismic
response of highway bridges.
7. This study further analyzes the influence the vertical ground motions (VGMs)
on the seismic response of a coupled bridge-soil-foundation (CBSF) system and identifies
the components whose fragilities are sensitive or not to VGMs. These aspects are usually
ignored in the seismic fragility analysis of bridges. In addition, this study develops
capacity models for columns and piles that account for the capacity change with axial
force variation. Moreover, this study compares several ground motion intensity measures
(IMs) to identify an optimal metric for probabilistic seismic demand analysis in which the
characteristics of VGMs are included while previous studies only focus on horizontal
ground motions. Then, to improve the dispersions of probabilistic seismic demand
models (PSDMs), optimal vector-valued IMs, which include the characteristics of both
horizontal ground motions (HGMs) and VGMs are also identified. Especially, the
influence of soil-structure interaction and liquefaction on the vertical seismic response of
the CBSF system is investigated for the first time. The findings of this study can be used
to guide the design of highway bridges under combined horizontal and vertical ground
motions and improve the safety of bridges under seismic loads.
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8.3. Recommendations for future research
There are several potential areas in which the present study can be extended. A
few of them are described below:
1. To implement complex traffic distribution models to calculate network
performance in terms of travel time. Typical transportation network risk and reliability
analyses focus on maintaining connectivity among critical nodes in a network as a target
objective. However, the target performance of the transportation networks should evolve
from connectivity efficiency metrics to functional metrics such as delay of travel time.
2. To incorporate the socio-demographic factors that affect policy into the bridge
retrofit prioritization and funding distribution models used in engineering today. In
practice, the government distributes infrastructure funds not only based on the physical
condition of its components, such as bridges and associated transportation networks, but
also based on other factors, such as the composition of the population, the median
household income, the vote margin, the unemployment rate, and even political coalitions.
Therefore, modeling the influence of socio-demographic factors on the distribution of
funds and prioritization of investments for highway bridges and networks should be
combined with current bridge ranking approach which is based on network topology,
network flow and the physical condition of the bridges. With a flexible ranking
algorithm, it may be possible to jointly consider these perspectives and offer a hybrid
objective-subjective ranking algorithm capable of handling information on engineering
needs and funding allocation drivers.

285

3. To investigate the broader benefits including other social, environmental, or
economic benefits of investing in "collective goods" like infrastructure beyond the lifecycle risk and life-cycle cost modeling focus in this study. The increasing of population,
the increasing of extreme hazards due to climate change, and the general deterioration of
the nation's infrastructures and the limited resources for their maintenance highlight the
need for promoting sustainable structures and infrastructure systems. Therefore, metrics
and methods to quantify the benefits of upgrade of infrastructure systems, which combine
consideration of economic development, energy, environment, and life safety, needs to be
investigated in the future to increase the effectiveness of investments.
4. To study an expanded design space and the incorporation of factors that impact
the performance of reinforced concrete (RC) columns for typical bridges, in particular for
shear critical columns (i.e. stout element) and stability control columns (i.e. slender
elements). The uniform risk design for RC bridge columns in the thesis has been limited
to RC columns with intermediate column heights and aspect ratios. However, in practice,
the shear critical and stability control columns are not uncommon and thus the noted
extension will increase the applicability of the design methodologies reported in the
thesis to a wider spectrum of cases faced by Departments of Transportation in a daytoday basis.
5. To develop a new two-level displacement-based seismic design approach for
bridges to satisfy both functionality and life safety requirements. The thesis focused on
ultimate limit states (i.e. collapse) for the risk-based design of bridges—an approach
followed by the building community today as well. However, the current trend in
infrastructure engineering to pursue resilient and sustainable infrastructure systems
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throughout their lifetime poses additional unique challenges beyond those achieved by
uniform risk of collapse considerations. Therefore, life-cycle performance as well as
functionality requirements at the network level will be explored to capture the essence of
geographically distributed systems and their diverse set of users, thus addressing pressing
needs of aging infrastructure and future resilience of the built environment in the United
States.
6. To investigate scour load factors for bridges different from the ones used in the
thesis, which is warranted given the significant impact of scour on the seismic risk of the
reinforced concrete bridges. This point addresses the national need for multi-hazard
performance of infrastructure systems. In addition, given that the scour load factor is
sensitive to the selection of the distribution model of scour modeling parameters, further
studies will be performed to improve the probabilistic scour hazard model developed in
the thesis and make them applicable to more general cases, so as to ultimately become
part of engineering design codes or guidelines.
7. To find an optimum strategy to design critical interdependent infrastructure
systems and modeling of interdependencies among critical infrastructure systems. This
extends the focus of the thesis on the risk consistent design of highway transportation
network only. This extension acknowledges that critical infrastructure systems are not
isolated but highly interconnected and mutually interdependent. On one hand,
interdependencies improve infrastructure systems performance and enhance their
operation efficiency; on the other hand, interdependencies increase the potential for
cascading failures, and the failure of one system may be amplified when
interdependencies are considered. Current research mainly focuses on the negative effects
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of interdependency on infrastructure system performance and does not consider
infrastructure design as the ultimate contribution. The life-cycle risk framework proposed
in the thesis offers a unique opportunity to be applied at the unexplored interdependent
infrastructure levels.
8. To investigate the influence of vertical ground motions (VGMs) on the fragility
of various configurations and types of bridges. The thesis found that VGMs had great
impact on the seismic response of the multi-span continuous steel (MSCS) bridge, which
points out the need for assessing the effects of VGMs on bridges typical of the inventory
of structures built in the United States. In addition, further study needs to find a
simplified yet adequate procedure to guide the design of bridges under VGMs as current
design codes used in engineering design firms today do not handle cases with coupled
bridge and soil systems, as developed in the thesis.
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